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tiie 15966 WINDOW GLASS DES VIEV 7 
KEY Buildings (codes); Charts; Sesion, Glas Professional 

practice; Wind; Wind loads; Window glass; Windows; Wind 

a ABSTRACT: Window glass design practice in the 1950s and 1960s w: was influenced to a — 
: large degree by manufacturers glass design charts, adopted by building codes and 
| Standards and utilized heavily by the design professions. In the 1970s, a changing 
' design environment caused professionals to examine more closely design processes for _ 
= window glass. Questions concerning wind loads, glass strength, failure risks, and 


information available on window glass in the open engineering literature. Activity in 
the field of wind engineering assists the designer with problems related to load 
_ definition, but troublesome problems remains, i.e., questions of glass strength, glass 
_ REFERENCE: Minor, Joseph E., “Window Glass Design Practices: A Sa a 
_ Journal of the Structural Division ” ASCE, Vol. 107, No. ST1, Proc. Paper 15966, 


glass charts for guidance. Problems exists because of the limited amount of data ra 


INELASTIC MATERIAL MODELS IN RESPONSE 


KEY WORDS: - Competer | programs; Dynamics; Earthquakes; 
Frames; | action; Metals; Offshore structures; Static ~ 


ABSTRACT: A computer for the static and of plane frames 
subjected to large inelastic deformations is reviewed. Nonlinear material, soil structure, 
and geometric effects are simultaneously considered. Problems are solved showing the 4 
_ influence of the stress-strain model on the static and dynamic response of frames 
subjected to large static load reversals and earthquake motions. Results indicate that 
while more accurate models are available for structural steel, the relatively simple 
Masing model is able to simulate the inelastic force-deformation response of frames 
quite well over a large range of inelastic deformations; even plastic-hinge models may — 


Clifford O., Jr., “Inelastic Material Models in 


| 


Response,” 
15971, January, 1981, pp. 13- 28 oes 


15963 LOAD AND HYDROSTATIC TESTING OF WATERSTOPS 
_ Floods; Grouting; Materials tests; — Nuclear electric power generation; Bi 

ins ABSTRACT: Tests results are reported on a waterstop joint , design used in the design | 
1 of nuclear power plants. These joints are designed to withstand differential settlement 
| between independent adjacent structures, — and their relative motions during 
+ earthquakes, yet still retain the function to minimize joint leakage. Stress deflection, | 

1 REFERENCE: Hails, , Robert L., Vogelfanger, Marius, and Conner, Michael L., “Load 
_ and Hydrostatic Testing of Waterstops, ” Journal of the Structural Division, see 
Vol. 107, No. ‘STi, Proc. 15963, January, 1981, pp. 29-39 


a _ window system behavior have prompted window glass designers to look beyond the | 
| 
| 
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KEY WORDS: Concrete structures; Equations; Membranes; Reinforced 
concretes; Reinforcement; Reinforcement (structures); 


MEMBRANE REINFORCEMENT IN SHELLS SATO 


ABSTRACT: Some in the present United States practice for designing 
_ membrane reinforcement in concrete shells have been pointed out. Using several — 
existing methods, it is possible to calculate less than the necessary amount ft 
reinforcement, which would lead to an unsafe structure. On the other hand, some of 
_ ‘the requirements may be impractical, such as providing reinforcement in principal — 
directions. When there is more than one governing load case, it would be impossible to 
1 ‘meet such a requirement. Rational equations for calculating the reinforcement capacity 
on the basis of the principle of minimum resistance are presented. The state of strain 
and its magnitude have been examined. Higher tensile strain would lead to a 
cracks in the concrete. Recommendations have been made to limit the strain 
Magnitude for the cases in which limiting the crack width is importent. 
_ REFERENCE: Gupta, Ajaya K., “Membrane Reinforcement in Shells,” po of the 
Structural ASCE, Vol. ‘107, No. ST1, Proc. January, | 1981, pp. 


15976 LOCK-IN EXCITATION OF TALL STRUCTURES 

KEY WORDS: Critical Excitation; Predictions; Structural 

~ ABSTRACT: Circular a and square tower ‘models were tested in a boundary layer wind 
tunnel. At close to the critical reduced velocity and particularly at low values of 
- structural damping, displacement dependent lock-in excitation was found to cause large 
_ increases in cross-wind displacement response, especially for the circular tower, in a 
From th type wind model. Critical cross-wind response amplitudes were determined 


from the response characteristics. These response amplitudes represent the level of 
cross-wind response of a structure above which the response can not be accounted for 
_ by the random wake excitation process and that lock-in excitation is significant. A — 
_ prediction procedure, which consists of a random excitation model and a sinusoidal — 
e - in excitation model, is described. Cross-wind response predicted by these models | 
agreed eet with the measured response, 
_ REFERENCE: Kwok, Kenny C.S., and Melbourne, William H., “Wind-Induced Lock- 
_ In Excitation of Tall Structures,” Journal of the Structural D Division, ASCE, Vol. 107, s 
No. ot, Proc. Paper 15976, January, 1981, > PP. 57- i 


KEY “WORDS: Buildings (codes); Design; Elements; Probability theory; ° 
o—--- - Standards; Statistical analysis; Structural engineering; Timber 
_ ABSTRACT: Recent trends in the development of design standards have been toward _ 
_ the use of probabilistic limit states concepts. The development of such criteria requires 
_ that a large amount of data be examined by the appropriate standards writing 
 oranizations. This paper describes basic statistical information that currently is 
available for developing probability-based limit states design criteria for 
_ Structures. A number of problem areas are examined where additional study appears: 
necessary or desirable prior to implementing such criteria in practice.  _— 
_ REFERENCE: Ellingwood, Bruce, “Reliability of Wood Structural Elements,” Journal 
| of the Structural Division, ASCE, Vol. 107, No. ST1, Proc. Kass 15964, January, 
1981, pp. 73-87) 
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CAL ‘BUCKLIN 
Beams (structural); Beams (supports); Buckling; 
Imperfections; Residual stress; Statistical analysis; Tensile testers; Tests; cy ; 
_ ABSTRACT: Statistical buckling experiments of 34 welded beams for each group of 
two different lengths are carried out under a concentrated load applied vertically at the 
_ midspan of the compressive flange of simply-supported beams. The influences of the | 
| variations of the various imperfection parameters on scattered test points of the nce 
ve buckling are examined. The obtained test results are compared with the writers’ 7 
} _ previous test results of the rolled beams. The main imperfection parameter that highly — 
us influences the variation of the ultimate strength of the welded beams is the variable 
value of the actual full plastic moments, as already mentioned for the rolled beams. | 
a The welded beams, however, have a lower ultimate strength in the mean value and | 
_ large coefficient of variation as compared with the rolled beams. The large variations in 
! the compressive residual stresses and the initial lateral crookednesses in the welded 
beams may cause the large strength variation in the welded beams. 
| REFERENCE: _ Fukumoto, Yuhshi, and Itoh, Yoshito, “Statistical Study | 7 
| Experiments on Welded Beams,” Journal of the Structural L ae , ASCE, Vol. 107, 
| No. ST1, Proc. Paper 15965, 65, January, 1981, pp. 89- 


159700 ONTARIO EQUIVALENT BASE LENGTH: AN APPRAISAL 
Asies: Bending moments; Bridges; Design; Influence lines; 


Length; Location; Trucks; Vehicles; Vehicle 


an not ote so much on the assumption that a vehicle can be described | age two 
variables, the weight,W,and equivalent base length, Bm but rather on the observation 
that the vehicle can be described by a series of points in (W, By) space. An 
alternative development is given of an equivalent base called the concentrated base — 
length, b, which is one half the Ontario base length and which introduces a location — 
parameter, x. The validity of the base length concept is demonstrated by developing a | 
vehicle equivalent to a hypothetical family of Australian legal vehicles. The accuracy of 

- resultant curves of design bending moment and shear is assessed. It is concluded that _ 
reasonable accuracies can be achieved by the use of a single, nonvariable design truck, > 

@ and that the Ontario method is useful and important. 4 

ar r 

REFERENCE: O'Connor, Colin, “Ontario Equivalent Base Length: An Appraisal,” 
Journal of the Structural Division, ASCE, bina 107, No. ST1, Proc. Paper 15970, } 


Januar , 1981, 
y Pp. 


15973 SNAP-THROUGH BUCKLING OF SPACE TRUSSES _ pits: 

KEY WORDS: Buckling; Computation; Deformation; Domes (structural); __ 
Loads (forces); Nonlinear algebraic equations; Shells (structural forms); TIS 
Stability; Stiffmess; Structural engineering; Trusses 
ABSTRACT: A geometrically-nonlinear displacement method is developed for -—. 
purpose of studying the snap-through behavior of reticulated space trusses of arbitrary — , | 
shape and loading. The present formulation is comprehensive and well suited for — 
applying incremental and iterative solution techniques solving the governing system of 
nonlinear equations. The results of comparative studies of four efficient solution - 
methods are presented with reference to the computational efforts. The dramatic 
influence of nonuniform loading and unsymmetrical stiffnesses on the snap-through — 


_ REFERENCE: Rothert, Heinrich, Dickel, Timm, and Renner, Detlef, “Snap-Through 

_ Buckling of Reticulated Space Trusses,” Journal of the Structural Division, ASCE, Vol. 

107, No. ST1, Proc. Paper 15973, January, 1981, pp. 
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15974 INELASTIC OF CONCRETE FRAME-WALL 


KEY WORDS: Analysis; Cantilever beams; Cantilevers; Embedded metal; ll F 
Force; Frames; Hysteresis; Inelastic action; Interactions; Reinforced 


ABSTRACT: The inelastic behavior and failure mechanism | of a 


_ frame-wall system when subjected to static cyclic loads is established on the basis of a 
_mechanical model. The validity of this model was confirmed in an earlier study by 
comparison with a laboratory experiment on a 10-story reinforced concrete frame-wall 
- structure of the same dimensions and reinforcing. Using this model, the interaction - 


characteristics between the frame and the wall are investigated. sat 


REFERENCE: : Emori, Katsuhiko, and Schnobrich, W. C., “Inelastic Behavior of 7 
— Concrete Frame-Wall Structures,” Journal of the Structural Division, ASCE, Vol. 107, 

ST1, Proc. Paper 15974, 1981, ap 145- 


(15978 INTERACTION BUCKLING IN I- SECTION COLUMNS 
KEY WORDS: Buckling; Columns Design; Interactions; Plates (structural pris 
"ABSTRACT: The interaction local and Euler buckling in an 
section column produces an adverse effect on its strength. Analytical models based = 
_ the effective section method and the finite strip method which account for interaction — 
~ buckling are compared with tests performed by Kalyanaraman, Pekoz, and Winter _ 
(1977). A design method based on the SSRC column curves is proposed to account S 
the effects of in method is also 
_ REFERENCE: Hancock, Gregory J., “Interaction Buckling in I-Section Columns, . 
Journal of the Structural Division, ASCE, Vol. 107, No. ST1, Proc. Paper 15978, 


15981 DUCTILITY OF SPIRALLY- CONFINED CONRETE COLUMNS a: 


(supports); Concrete (reinforced); Curvature; Deflection; Deformation; ft 


' 
KEY WORDS: Bridges (piers); Building design; Columns 


Displacement; Ductility; Hinges; Moments; Reinforcement; Seismic design; = 
ABSTRACT: Five large circular reinforced concrete | by ‘spiral 
reinforcement in accordance with the provisions of the draft of the New Zealand 
_ Concrete Design Code were tested under reversed cyclic bending combined with 
_ various axial load levels. Results of load-deflection hysteresis loops, curvature 
distributions, and confining and shear steel strains are presented. Substantial 


, ‘Som oe of flexural and shear er gl values (above those predicted using normal _ 


ultimate strength theory) was obtaine A method for Bs ee ara moment 


Pricsiiey, J.N., Park, R., pot Potangaroa, R. T., “ ‘Ductility of 

i 


Spirally-Confined Concrete Columns,” Journal of the Structural Division, ASCE, Vol. — 
107, No. ST1 Proc. Paper 15981, January, | 1981, pp. 181- 202 
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“KEY Wor WORDS: Dynamic response; Probability 

vibration; Reliability; Statistical analysis; Steel construction; Wind 

ABSTRACT: The reliability of buildings under winds is evaluated. The uncertainties in 
‘terms of the first and second statistical moments are included in the formulation. The 
dynamic response of the structure is obtained based on a random vibration analysis. In _ 
estimating the statistics of the wind load effects, uncertainties in the wind environment | 
parameters and dynamic structural properties are considered. Risks of exceeding — 
various safety and serviceability limit states are evaluated at critical sections of a 25 
story Steel building. Results indicate that uncertainties in the dynamic structural _ 
_ Properties and wind environment parameters contribute significantly to the risk. The 
_fisk is also sensitive to the form of the extreme value distribution and errors in — 
- sampling and estimation of distribution parameters. The proposed method provides a — 
tool for a assessment of reliability of structures under wind loadings. 

REFERENCE: Rojieni, Kamal, and Wen, of Steel “Buildings 
under Winds,” Journal of the Structural Division, ASCE, Vol. 107, No. ST1, Proc. 


15999 » COMBINATION OF OF VARIOUS LOAD PROCESSES 


| KEY WORDS: Building codes; Live loads; Load factors; Loads (forces); pg 
| Models; Probability distribution | functions; theory; ‘Structural via 
| ABSTRACT: A method for computing the probability distribution of combined, time 
varying loading on a structure is presented. The point crossing method is based on 
| finding a close upper bound to the mean upcrossing rate of a linear combination of 
' - scalar load processes. Both smooth, continuous processes and pulse-type processes are 
{ included. The solution is a series of single convolutions of two natural descriptors of 
the load effect process: the first-order or arbitrary-point-in-time probability distribution | 
and the mean upcrossing rate function. An example of the combination of three non 
1 _ processes is included, and the method is compared with others. Implications for load © 
_ | modeling and a format for combined loads in deterministic | design codes are analyzed. 
| 


REFERENCE: Larrabee, Richard D., and Cornell, Cc. Allin, “Combination of Various 
‘| Load Processes,” Journal of the Structural Division, ASCE, Vol. 107, No. ST1, Proc. 
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A that all pa of the aden should list all measurements in both U.S. Ciieeaiany and 
SI (International System) units, the following list contains conversion factors to enable readers 
: to compute the SI unit values of measurements. A complete guide to the SI system and its 
use has been published by the American Society for ‘Testing and Materials. Copies of this 
= ee (ASTM E-380) can be purchased from ASC Eata price of $3.00 each; orders must 
~~ authors of Journal Papers are being asked to prepare their papers in this dual-unit format. 
provide assistance to authors, the list of conversion factors and gui 7 


square inches (sq in.) square millimeters 


square feet (sq ft) square meters (m 9,093 


square yards (sq yd) Square meters 0.836 


cubic inches (cu in.) cubic millimeters (mm 16,400 
(cu ft) “cubic meters (m 
cubic yards (cu yd) cubic meters (m’) 
pounds (Ib) mass kilograms (kg) 
pound force (Ibf) newtons 
kilogram force newtons (N) 
pounds per square foot rene _pascals (Pa) 
pounds per square inch (psi) (kPa) a 


U.S. gallons (gal) a liters (L) 


acre-feet (acre-ft) cubic meters (m’) ,233 
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J Joseph E. ‘Minor,’ M. MASE ¥ 


i The process which produces designs ter window glass in engineered buildings 


a is undergoing major change. The change i is being brought about by a combination — 
_ of factors, the most significant | of which is an increasing awareness on the 

- part of the designer as to the importance of window glass to the achievement 

a Understanding the changing window glass design process requires knowledge 
_ of the early design environment, including knowledge of the origin of the window — 
— Gass design charts. Thus, the review begins with examinations of the design 


advances in the technologies of wind engineering, stress analysis, and risk 

. have forced major alterations in the original processes. The scope of the changes a. 
; is outlined, and technical problems which remain to be solved are identified. " 
a is the purpose of this paper t to present a an evaluation of current window 


by informed practitioners, , and to summarize ze background data on ‘on glass Properties: 
_Winoow Giass Desicn Process: Oniains AND CHANGES 


system designs in early high- rise buildings: were 
principally the concern of the architect. This designer made decisions regarding 
window systems largely on the basis of esthetics. Structural considerations were 

; not ignored, but were viewed as less important because of relatively small window ‘ 
sizes, the limited contribution of window glass to building structural integrity, 


4 “Presented at the April 14-18, 1980, ASCE Convention and Exposition, held in Portland, ay 
, Inst. for Disaster Research, Texas Tech Univ., Lubbock, Tex. 
Note. —Discussion open until June 1, 1981. To extend the closing date one month, 7 

a written request must be filed with the Manager of Technical and Professional Publications, 

ASCE. Manuscript was submitted for review for possible publication on March 26, 1980. 

_ This paper is part of the Journal of the Structural Division, Proceedings of the American 

Society of Civil Engineers, ASCE, Vol. 107, No. ‘STI, 1981. ISSN 0044- 


8001 /81 /0001-0001 / $01.00. 
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restricted perceived consequences of window glass failure. 

Operating within this design environment, glass manufacturers developed 

relatively simple design charts and attendant recommendations for the structural — 
| design of window glass. The window glass design charts were developed from = 
feats to failure of new window glass under uniform lateral pressures. The . 
Pittsburgh Plate Glass Company (now PPG Industries, Inc.) and Libbey- -Owens- 
“ Company (LOF) in the United States, and Pilkington Brothers, Ltd. | : an 


| 


q 


England conducted ‘tests. Each company advanced charts which relate ‘gia 
g Original PPG and LOF charts were essentially the same (2). The PPG keyed eos 
_ their charts to a one-minute wind load, although the basis for selection of this ss 


| reference is not clear. The one- -minute wind load reference became lost 


area and thickness to lateral pressure, representing wind loads (11,13,14). The — a 


(4,22), “but it is important to note that the design professions ‘did not 
= review the data upon which the recommendations are based or verify os wid 
‘The de design charts were incor into ma or buildin 
& J & 
an 


¥ d standards (2, 24, 26, _ where they have served for many years. Fig. 1 
Note ‘that ‘there is no reference to a a time duration of As will 
cals be seen, it is very important for the designer to relate time durations for measured 

: a specified loads to time duration of loads used in developing design charts. .. ; 


Processes which produced specific window glass designs were the responsibility — 
¢ the design professions. The design professions relied heavily on n the charts, 


‘recommendations. Thus, the processes which governed the design of —-, J 
, glass in the United States were heavily influenced by research work and ‘— 
* recommendations of two major glass manufacturers. 
_ Factors Producing and Influencing Change.—Design processes based upon — 


manufacturer esearch and recommendations served the architectural and 


increased the demands on the designer t to assure e adequate designs. These factors i re 
moved window / glass design processes to more prominence in the minds of oe 
_ While the design charts and recommendations advanced by manufacturers 
continued to play a key role in window glass design processes, the processes 4 
ould no longer be “governed by these charts and attendant manufactu 
recommendations. Decisions had to be made for individual projects regarding © bi 
_ acceptable failure risks, wind loads, window system response, exposure to loads x 
other than wind, and glass strength. The architect and engineer encountered _ 
new uncertainties in responding to these complex new demands. New aspects — iy 
of the window glass design became evident; these aspects reviewed 


: 
4 changes in the design environment made it increasingly more difficult for ee . 
_ design professional to rely entirely upon the original glass design charts and = ah ; 
_ manufacturer recommendations. Glass was being used in larger sizes in taller 
buildings which were sited in more severe wind environments. The increasing = 
value of building contents made window glass failure a more significant consider- 
ation addition noccihble litigation an parce myhlicity 
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to rt design process may be conveniently divided _ 
into analysis of glass strength, wind loads, design loads, stress analysis procedures, 
_ and probabilistic aspects of glass plate design. The following outlines current — 
d practice within these parts of the process; problems and research needs are 
cn Strength of Glass.—The influence of load duration on glass strength is recognized Se 
by ceramic scientists, but is not a concept with which the e engineer or architect i 
familiar. Experimental data which highlight this. phenomenon are “presented 
_in Fig. 2. Since time duration of loading is important in determining the ere 
load for a given glass panel, it is essential that loadings be defined in a 


Wind Loads.— Wind gusts which eavelop a building produce inward and outward — 
acting pressures on window glass. These time- -dependent pressures can 


i 


GLASS ROS (PRESTON, 1942) 


ANNEALED so0a- ‘LIME (BAKER PRESTON, 1948) 


a R 
> 


— OF STRESS (SEC) 


2. —Strength of Glass as Function of Time (From Ref. t 


pressures, or over longer periods (a minute or more) to yield lower pressures. 
_ Because the strength of glass is also time dependent, it is important that pressures 
_ which act on window glass be defined in a time-dependent manner. ie — ' 


Pressures to be used for design purposes on a given structure can be acquired 
from wind tunnel tests, deduced from study of the literature, or assumed from — 
a general knowledge of wind effects. The loads analyst must decide which 
pressures (short duration, large pressures or longer duration, smaller alien 
are more damaging to the window glass. The process of selecting pressures — 
for design involves concepts of static fatigue and load 
Design Loads for Window Glass.—Glass design charts a 
; turers require the specification of design loads in time-dependent form. Currently, 
manufacturer advanced charts in the United States accept loads specified as 


constant, one- “minute uniform loads. Wind pressure records derived from wind 


Cwancesin Winnow Giass Design Process 
Bs 
4 
Be 
— 
averaged over short periods of ume (a second of two) to veld relatively lare 


tests, loads or loads obtsined from 

analytical means are seldom presented in this form. Thus, it is often necessary = 
to transform loads from one reference time to another. The transformation _ 
_ process must assure that the loads are equivalent; i.e., the effects of equivalent - 

on a given glass plate must be the same. 

_ A transformation process for uniform lateral loads applied to window i 

been developed. Based upon concepts of ‘“‘static fatigue’’ (5), this 
2 ‘Tecognizes th that damage i is done to glass that is stressed in tension in prop 


to a rsh 8 power, n, of the applied load and is time dependent: og BB 


in which K=a measure of ee ee)2 any time varying load; T = the | 
an exponent, usually 16 (from 
experiments). Using | this jelalentiie, it is - possible to find a constant pressure, 
a time limited load, S, that has the same damaging effect, K, on a glass plate. _ 
For example, if a constant load that acts for 60 sec, S,,, which is equivalent 
=q w(t) acting over a time period, 7, is to be found, then the Static fatigue 
| 


) 


‘Standard specified wind loads are often presented as static loads; thus they 
= the required time-dependent frame of reference. For example, wind loads » 
developed using procedures outlined in American National Standards Institute 
ANSI A58.1 are not adequate for use in glass design. (This includes ANSI 
__ A$8.1-1972 and its revision, currently in final draft form.) Loads in this standard 
4 are derived using “‘fastest mile’’ windspeeds; thus they appear to consider time 4 
; a of loading. However, close examination of the load calculation process 


reveals that resultant pressures are two or more seconds in duration, depending — 


within these periods (i.e. e., ., time ‘dependent probability distributions) are 
not specified, making impossible the critical consideration of {w(t)}” "in Eq. 
3. Time-dependent pressure records from wind tunnel studies can be transformed 
using Eq. 3 but procedures for selecting specific pressure traces that are most © 
likely to cause failure, are only now being developed (6,7,8, 18). Tseng ce 
It is also becoming recognized that wind pressures are not the only loads 
should influence window glass design. debris, wind- 


F 
Tf the manufacturers glass design charts are to be used, then wind loads 
_ ‘must be specified in terms of a 60-sec constant load (S,,.), or they must be 
wemimieic in a time-dependent format so that they can be transformed into S.. —‘| 
While the imnortance of usine this load transformation is becoming _ 
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 eepeien roof gravel, has been established as a factor in many window glass 
failures (see Fig. 3) (19,20). _ Criteria for the design of glass and cladding for 
gz impacts have been established (20.25) and these criteria are being used 


FIG. 3.—Window Glass Failures Caused by Root Gravel (Pascagoula, Miss., Hurricane 
Frederic, September 1979): (a) Gravel Source With Window Wall in Background; | 
and (b) Missile Impact Damage on Unshattered Windows | 


4 
| 
moor States building cod uirements for 


eu designing for missile impact, although Ref. 15 contains bainiaaiidai guidelines i 


"many years. In — 1979, the PPG advanced r new w charts which reflect major 
changes. These charts are based upon theoretical stress analyses and assessments _ 
of glass behavior derived from experiments (23,27). The PPG’s new recommen- _ 
~ dations contain separate graphs for each glass thickness, and present relationships 
between area - and load as a function of aspect ratio (see Fig. 5). LOF has’ 
not made alterations in their experimentally- -derived charts. Model building codes. 
have not, as yet, considered the adoption of the new PPG charts. The design ar 
professions have not had an opportunity to review openly the data sad which 
the recommendations are based and to them independently. 


TEMPERED GLASS 


- MINIMUM RESIDUAL 


SURFACE STRESS 15000 psi 
ANNEALED GLASS 


WINDSPEED, 


PPG charts are different from their previous charts; 
thus they differ substantially from the LOF charts. Basic differences lie in 
the inclusion of aspect ratio as a variable in the new charts and in iin, 


Generally, increased glass thicknesses are required for a given load and opening 
area when nominal glass thickness dimensions are below 3/8 in. in., , while decreased 
thicknesses are indicated for thickness dimensions larger than 3 /8 in., for most 
- aspect ratios. A comparison of differences between original and new PPG charts 
for a common glass thickness (1/4 in.) is presented in Fig.6. 
_ The basis for the new PPG charts is a theoretical stress analysis which requires — 
_ advanced computational techniques. This approach is indicated because a thin 
sealed glass plate under uniform lateral pressure may experience center-of- _ 


plate deflections that exceed, by thickness of the plate. 


lot 
| 
a 
f 
. different specified glass thicknesses for certain loads and window opening areas. __ | 
| 
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Therefore, conventional (bending only) plate analyses” the structural 
ay engineer are not applicable. The condition to be analyzed becomes a geometrically _ 
nonlinear, large-deflection plate problem. 
298 
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Comparisons o of Original and New PPG Design Recommendations 


“Research supporting the development of the new PPG charts is pone , 
t Tsai and Stewart (27). They employ a finite element-oriented technique to 
the solution of the large-deflection plate problem. This analysis technique is 
_ powerful and proven; however it has limitations in this application. Calculated | 


Ria: stresses important to to failure premaien an are af affected od by the type of finite element _ | 


| 
| 
FIG. 5.—Typi 
23) 
wer 
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= 


utilized, degrees-of of-freedom aemamed. for the ele element, , element 1 mesh size, size 


analyzed in similarly finite element- oriented analysis advanced by 
Al-Tayyib (1), and in a finite element analysis directed toward glass solar panel 
covers presented by Moore (21). Beason (3) has advanced an alternate solution 
to the large deflection plate problem; he employs a computer-oriented numerical 
integration technique with the basic von Karman plate equations. He: also examines 

7 limitations to element-oriented analysis methods in application to the analysis 

_ Research is in progress within the glass companies at Texas Tech University — 
“, 3), and at the Jet Propulsion Laboratory (21), to resolve uncertainties identified a 
with the analysis of thin rectangular glass plates under lateral load. — 


representing these organizations are in communication, and it is hoped that 
from these and other studies a technical consensus will evolve that is helpful _ 
Probabilistic Aspects of Glass Plate Design.—In recognition of the statistical 
nature of glass strength (standard deviations approaching 25% of the mean are 
common) the original glass design | charts advanced the concept of a “design — 
factor.’ This factor is divided into the mean failure load identified with a given — 
; glass plate geometry to identify a load which reduces the probability of failure — 
for that geometry from 0.5 to an acceptably lower value. While glass manufacturers __ 
- note that any design factor can be selected, the use of 2.5 has been encouraged _ 
through the development of charts based on this value and the adoption on 
these charts by building | codes. A design factor of 2.5 makes the probability = 
of failure for a given glass plate ¢ geometry ‘under design load equal to 0.008; 7 
i.e., it defines a load which will break 8 in 1,000 panes on the average (if 
a typical value for coefficient of variation C, of 0. 25 and a normal distribution z 
_ ‘complication to objective risk analysis is presented by the observation | 
that glass strength changes with exposure to the environment. In-service glass. 
strengths may be significantly less than strengths for new glass, depending upon 
ys service environment (2,3,15). Glass manufacturers have accounted for this 
difference to some degree in their charts; however additional adjustments (e.g., 
in the design factor) may be indicated for window glass exposed to unusual 
environmental conditions (15). Unfortunately, very little data are available :: 
& The use of a design factor of 2.5 may have been appropriate within the 
design environment for which it was originally advanced. In the current design 
environment, however, the use of 2.5 as a design factor may be inappropriate 
in certain circumstances. No specific guidance can be found regarding the selection 
of appropriate design factors for specific design situations. Many building cc codes 
are committed to 2.5 as a minimum value. Ref. 15 recommends a larger value 
when the effect of service conditions cannot be accurately predicted fora building. — 
Acceptable failure risks for window glass design under different conditions should 
be reviewed by the design professions as a part of an appropriate so 


The designer of systems today finds himself in a design 


{ 


from the one which e existed when the manufac- 

turers first advanced their glass design charts and recommendations. Window 
5 glass dominates the facades of many multistory buildings, building owners and Ps 

officials are demanding high levels of performance from these cladding 


_ The designer must now pees more ‘me into ae of three steps in the 
ana process: loads, analysis, and design. The wind tunnel, and a new discipline — 
<a wind engineering, provide him with invaluable assistance in the first area, — 
te troublesome problems with load specification and load transformation 
persist. In the related areas of analysis and design, the designer must consider 
the recommendations of two major manufacturers who have advanced signifi- 
cantly different load versus glass geometry relationships. As a practical matter, ; 
cannot afford to become deeply involved with stress and 


properties and glass plate behavior under lateral pressure 


Unfortunately, the design professional encounters some difficulty in his search 
information on 1 window glass Properties and behavior. The 


‘ae outside of the glass industry contribute t to this information deficiency. 
An excellent starting point for the window glass designer is a commentary on 
the design of glass prepared for the National Building Code of Canada (2). hls % 

‘ 
wintow has been seen to be undergoing n major change. 
| The change is of two types. First, the design environment is different in that — 
it now demands of a designer a depth of knowledge and understanding beyond 
dependence on manufacturer advanced charts and recommendations. . Secondly, — 
the technical basis for designing is changing. New design charts advanced by - 
a major manufacturer | differ significantly from those maintained by another. 
This latter situation compounds the need for the designer to expand his knowledge 
and understanding of window glass properties and related design processes so 
that he can make informed decisions. = “4 
4 Finally, there is a clear need for the initiation of a formal consensus process ~ 
to guide and govern the development of window glass design procedures 
responsive to the current design environment. Members of the architecture and 
_ engineering professions, representatives of the research community, glass manu- 
facturers, and regulatory authorities should be included in a group which addresses ad 

_ relevant technical and practice-oriented considerations in a consensus format. 
An appropriate forum for such an activity may be an ASCE committee formed © 
the Technical Council on C Codes and Standards. 


| 
— 
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INELASTIC MATERIAL N Moves 


be: 


a . The design o of framed structures for environmental extremes with low probabil- 
ities of occurrence generally require that some inelastic action of the structure 
= permitted as an energy absorption mechanism, e.g., design of buildings for — 


major earthquakes and design of offshore platforms for extreme storms. This 

design philosophy requires rigorous “methods of analysis. Mahin and — 

Bs. reviewed the state-of-the-art of predicting are seismic building ned 
and noted the need for improved analytical models. 

= FRAME 63 (7,15,16) is a program for the static and dynamic analysis ra 


7 frames, which considers inelastic stress-strain curves, general geometric nonlin- 


Such a program is expensive for routine use; however it is still quite economical 


compared tofull-scale testing, 


. _ Programs such as FRAME 63, when fully verified by testing, can provide 
an economical means of ' calibrating simpler, less expensive models. The major 


on the calculated response e of steel frames ‘subjected to large artnet ‘deforma- : 
tions, as occurring in 


“plece- wise e linear symmetric inelastic stress-strain and force deformation curves. 

Fig. 1(a) shows such a curve, 0-1-k “I defined by coordinates ¢€,, o,, k = 1, a 

I. The slopes of the virgin curve, S,, can be found from the coordinates. The -s 
virgin curve can be decomposed into a series of elastic-plastic components, 


ty Assoc. Prof. of Civ. Engrg., Univ. of Florida, Gainesville, Fla. 32611. al 
Note.—Discussion open until June 1, 1981. To extend the closing date one month, 
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ASCE. Manuscript was submitted for review for possible publication on October 23, Sh, 
1979. This paper is part of the Journal of the Structural Division, Proceedings of the a; 
American ha of Civil Eagnesrs, © © ASCE, Vol. 107, Roe, ST1, January, 1981. — id 
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pport springs whi may he dictrih ted over he ame member's enoth 
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as shown in Fig. 10). The parameters for the ki kth component are yield stress 
= elastic limit and modulus of which are found from | the q 


- Tinea ur curve e (shown by dashes i in Fig. l)is : found by s simply summing g the iis 
responses of the component curves [shown by dashes in Fig. 1(b)]. Ref. 7 
gives complete details on the decomposition and summation procedures with 
flow charts to facilitate, including the procedure in a computer analysis. = 
— Fig. 2 shows a typical stress-strain curve (11) for a mild steel with a moderately * 
high yield stress of approx 6 66 ksi (454 MN /m’* ). While its $ virgin curve is 
elastic- plastic, followed by strain 1 hardening, the unloading curve (shown by 
ar appears similar to the unloading exhibited by the Masing model [see 
Fig. the Masing 5 model cannot a close “fit”? of mild steel 


aunt 


Sov: 


FIG. | Model: (a) Response; aa (b) Elastic- Plastic 


in both the loading and unloading ranges. Hewovsr, i it will be seen rary it can 


be used to accurately predict both member and frame response quite well. _ 
Chen and Atsuta (4) used essentially the ‘Masing model for determining A 
biaxial section response of steel W sections. 


by strain hardening. Fig. -3(a) shows the virgin ct curve defined by 3 points (o. (s, 
€,,; 0,,€). Note that this gives a horizontal response for > €. If a 


2 branch for € > € is desired, then another point may be added. The response — 

of the Masing model for unloading for « < is elastic-plastic. For > 
: ‘oe at a point is shown by the dashed lines. s. Two cases are shown in 


_ which reloading starts at b, “such that the negative . yield plateau has a length 
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7 FIG. 3. —Masing Model for Mild Steel: (a) Resultant Response; and (b) Saletan 
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a <2, ., in which €, = the length ‘of the viewie curve yield plateau, and b’, such > 
that” the negative Py plateau has a length >2e, . The yield stress is seen 4 
a to be shifted either up or t down for these two cases, respectively. Fig. 3(6) 
shows the 3 components used in the Masing model, and the unloading paths — 
followed by the components for the first case of Fig. 3(a). It is noted that 


some test results (12) (shown by the solid curve) and Santhanam’s model (shown 


d 


a (15, 16) intend a model to represent mild steel. Fig. 4(a) shows 


Experiment 


Model 
—- — Monotonic 


— — —Masing Model 


Monotonic 


by lines). The features of the are shown in the 
unloading and reloading cycle from a to b. The model unloads with the original 7 
elastic stiffness until the stress reaches zero. Then the stiffness is decreased _ 
& similar to Clough’s stiffness degradation model (5), but with a stiffness equal _ 
to 1/a times the slope of Clough’s model. Then it has a reduced slope, rising e 
to a new yield | stress, which is a function of the previous strain history and 4 
a parameter B. The two parameters, , @ and B, can be varied to increase the — 
closeness of the “fit” of a-B model to data. The results shown 


q 
| 
a 
-4.—Comparison of Model and Masing Model: (a) a-B Model; and (b) Masing 


experimental curv curve and the a- B model do not well in in 
early cycles, as shown in Fig. 4(a), particularly for negative strains where 
the test results show much more degradation than the a-B model. However, 
the final cycle shows a good correlation between the tests and the model except _ 
at point a. At a, where unloading Starts, the model has approx 18% less stress . 


than indicated by the test ‘results. Santhanam points out, there are some 


| 
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minor inconsistencies in his model; and the 1 major source rce of error in the model 
is its failure to return the strain-hardening slope after undergoing a small inelastic 
‘Fig. 4(6) shows the results of the Masing model (shown by dashes) for the 4 
ame test results. The Masing model gives results similar to the a-B model 7 
in the early cycles. However, the results are © quite different in the final cycles. . 
At the beginning of unloading of the final cycle (point a), the Masing model 
is quite close to the experimental data. However, the negative yield point is 
| ‘Sebo and the small amount of strain hardening exhibited by the Masing 
_ model in unloading is such that the maximum negative stress exhibited by the a 
_ Masing model is approx 36% below te maximum negative stress in the final 
> hd Peterson and Popov (13,14) proposed a model for large inelastic sti strains, 1s, which, 
r when compared to the Masing and a-B models, might be said to be “‘exact.’ a 
Their model uses the virgin loading curve (isotropic hardening), and an unloading 
curve obtained after a number of cycles (kinematic hardening). ie 
. function is applied to these two experimentally- “obtained | curves to obtain the 
response for any load history. The process | requires. ‘a continuous updating of 
the curve which considers the latest strain history. This procedure, while very ane 
- accurate over a wide range of strain histories, is more costly in time and storage 
requirements than either the Masing or models. Extremely accurate models, 
. ‘ ‘such as that in Ref. 14, can serve to calibrate simpler models. Also, in regions 
_ of high : shear stress such as frame joints, - Popov’s s model which considers _ 
two-dimensional stress states, be very valuable. = 
~ The a-8 model and the Masing model tend to fit and not fit different points = 
of the curve and perhaps a combination of the two could give an improved 
model. However, as will be shown with examples, . they can both be used to 7 
give quite reasonable estimates of frame response, even for problems with large 
inelastic unloading. Both the a- B ‘model and the -Masing model have i 
_ programmed into FRAME 63 and several examples will be cited comparing be 
i. their solutions, experimental solutions, and other analytical solutions. The Masing © 
pose is simpler; it is more economical and more versatile than the a- ne Se model. Pi 

FRAME 63 is a plane frame analysis program using a modified 
tangent stiffness method. The tangent stiffness method is modified (7) to avoid 
“large static and dynamic equilibrium errors that occur in the normal — 7 

stiffness method when unloading starts and the stiffness of the structure changes _ - 
greatly. A typical frame ‘member is shown in Fig. ‘S(a). Masses and dynamic 
‘Toads are lumped at the frame joints. The members 2 are subdivided into discrete 3 
: elements to simplify handling of material inelasticity and geometric nonlinearity. 


Winkler springs with Masing- type inelastic force-deformation may act 
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a At time” step h the ‘equations of ‘motion for the cane. joints are written, 
+ + (R}, = (F},. 1) 
in which [M) = = lumped-mass diagonal ma matrix; {F} = column matrix of joint 
forces; {y) = matrix of joint and {R} = column matrix 
- of resistive forces corresponding to a nonlinear function of the joint displacements shy 


in which: [K] = structure stiffness matrix; and ty) = column matrix of joint 


onl) 


5.—Discrete Element Model (FRAME 63): : (a) Typical | Member wi with 


Elements; (b) Discrete Element; (c) Cross Section; and (d) Inelastic c-« Curve i 


For a email time increment, the increments of ‘the rei resistive 


“the material and geometric nonlinearities associated with the oe 
_ Shape of the structures. Thus, the incremental equation of m of motion is: ama: 


; The increments of accelerations are related to the increments of ‘displacements | 
by the constant average acceleration method (15). Using that relation, Eq. 4 _ 
may be solved for {Ay},. Then, the a and accelerations can be 


& at the frame joints or be distributed along the nodes between discrete elements. 
| 
q 
| 


updated Eq. checked for ‘“‘dynamic equilibrium” at the end of 
» If it is not satisfied within specified tolerances, then the dynamic equilibrium — a 


while time consuming, g, provides for longer time ‘steps. . Also, 

no proof of stability has been attempted, numerous solutions indicate that “i 

gives results which are numerically stable, 

Essential to the solution are the calculation of {R} and [K], both of which © 
_ nonlinear and history dependent functions of {y}. They are found using q . 


‘standard matrix transformations and a separate solution of the individual members 

_ composed of the discrete elements [see Fig. 5(b)]. The solution for member 
end-forces is iterative. The individual member tangent stiffness matrices 
found by an incremental unit displacement technique (6), equivalent to a static 
condensation of the interior nodes for the frame members. ee 


In order to — the member solutions, force- “displacement relations 


section tangent stiffness terms (4, 6). This duiinnt data is found by a numerical 
integration of the inelastic stress- “strain response of the material. This is suggested 

by Figs. -S(e) and ‘S(d). Details of the integration for the Masing Model and 
the a- -B ‘model are given in Refs. 7 and 16, respectively. The axial force in 
the center bar is the average of the thrust obtained by integration at the location Md 


of the two discrete hinges. Thus, , the element is essentially linear ¢ curvature, 


5 may be viewed as a schematic flowchart of the solution ‘Process. ‘The 


é to define the hate displacement response of the individual elements. This element 
j response, along with the interior Winkler inelastic springs and member static 
P. loads, is incorporated into the member response. The member response is 
- incorporated into the numerical solution of the equations of motion for the : 
frame joints. The major advantage of the discrete element chosen is the ease — 
in) which the results of the section inelastic r response can be incorporated — 
the analysis. This allows the spread of yielding and inelastic action within the 
layers of an x-section, and along the length of the members to be eoally 
_ accommodated. Complete details on the discrete element procedure are found — 
_ Fig. 6(a) shows a frame tested at Lehigh (1,2). As seen in Fig. 6(c), the _ 
frame was deflected well past its ultimate load and the deflection of the frame ‘ 
was reversed and carried through a large negative deflection. Two solutions 
are shown [see Fig. 6(c)]. The first is as previously reported (16), using a 
a-B model. The second solution uses the same monotonic stress-strain curve 
as the first, but with the Masing model. The Masing model results should not 
be confused with a solution apenas “ Ref. 16 for a Masing model with an 


_ These are obtained by a large displacement static analysis of the deformed — 
_ element and Castigliano’s first theorem (6), respectively. These element equations - & 
| | 
| 
large “inelastic strain reversals, the load deflection solutions obtained by the 
= 


<1 
two models are in very close agreement. The simpler ‘Masing ‘model actually _ 
: gives results a little closer to the test results than does the Alpha-Beta model. _ 4 
_ This frame dramatically demonstrates the importance of geometric nonlinearity a 
; @- A moments in particular) on the strength and deformation characteristics a 


slender frames. simple plastic analysis, the reduction of 


MN). However, the test results and both analyses show a maximum load of ; 
: Ps. ~ (75.7 MN). This shows the detrimental effect of the P-A moments. — 


6x10” Kip-in/Rad 


37.3/41.1 


FIG. 6.—Frame with Large Static Load Reversal (" hip = = 4.45 kN; 1 in. = 25.4 mm; 
kip/in. = 0.175 kN/mm; 1 ksi = 6.89 kKN/mm?; 1 kip-in./rad = 113 kNmm/rad); 


(a) main Test Frame Model; (b) Stress-Strain Data; and (c) Load-Deflection Response 


the vertical gravity loads have to be raised as ‘the frame 
deforms in the reverse direction. Thus, the maximum load in the reverse direction 
is well above the value given by simple plastic theory. However, as the reverse 
deformation increases, the gravity loads start to lower again and the strength 


_ decreases. Both analyses give a maximum reversed load of ~27 kips (120 MN), | 
which is significantly under the reported maximum reversed load. an 
_ Ref. 1 indicates that the frame was loaded to the maximum positive deflection 
and unloaded. Then, after approximately six weeks, the loading was reversed. . 


le It is is anes that at the onset of load reversal, the frame shows a greater stiffness 


i) 
| 
a 


for the original loading or or unloading. this. stiffness in increase could 
due to the: base being greater in the direction of of reverse 

‘Fig. 1a) analytical moment- rotation and moment- curvature responses 

: 7 the left column. The moment-rotation response is for the top of the left 

- column, with the rotation being the rotation of the member from the chord. 
The moment rotation curves for the two models are in close agreement. Points 
w ‘a, b, and c, shown in Fig. 7(a), correspond to the same lettered points in 
-*Fig. 6(c). The M-6 response shows how the moment near the top of the column — 
reverses from its original value, a, due to gravity loading, yields in the reverse. 
direction, b, and then undergoes large plastic rotations in the original direction c. 


Moment 


‘Moment (kip- in) 


bese 


FIG. 7.—Results for FRAME 63 Analysis of Lehigh Frame (1 kip-in. = 113 kNmm; 
1 in. = 25.4 mm): (a) Moment-Deformation Response for Left Column; and (b) 4 


‘The moment-curvature plot of Fig. 7(a) is for a site at the first hinge in 
a nonlinear element just above the base of the column. To account for the 
stiffening effect around joints and the base plates, certain elements were 


specified as being either rigid or linearly elastic. The difference between 


two solutions for curvature is more pronounced than for the member rotations 
This is as would be anticipated, since the effect of local curvature differences 
' at one or two highly-stressed sections is reduced when combined with other 
: less highly-stressed elements. The moment-curvature response exhibited by the 
Masing model shows greater stiffness, as would be anticipated from a more 
accurate material model (14). Also, the maximum enon for the « a- x-B model 7 


; 
| 
| 
| 
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1981 

. - differences between the two models on the member and frame response is 


_ Fig. 7(b) shows the deflected shape of the left column at maximum positive 
deflection and maximum negative deflection. While the deflections are greatly __ 


_ deflection case (left), the P-y moments are of the same order of magnitude 
as the P-A moments. Also, the heavy concentrations of plastic bending éeforme- jae 
-Awatyses oF Sincue-Story Frame ror EARTHQuake Monon 
Fig. 8 shows a frame analyzed by Latona (9) ) for a base motion of 1.5 times — 
El Centro (8). Lumped masses neglect the mass of the vertical joint loads. 
Laytona’s model is layered with an elastic-plastic stress-strain curve. He considers 
P- ‘4 but not P-y moments. His ‘numerical integration technique is S explicit as 


(ety 


me Analyzed for Earthquake Motion ( ki . ; ~ 
: made to o the _— column forces at the end of each time step, with no iteration 
a. Fig. 9 shows Latona’s solution and several FRAME 63 solutions. The ae 
: 63 solution using an essentially elastic-plastic stress-strain curve should compare 
a well with Latona’s solution. However, at about 2.4 sec, the results start to 
pe ‘deviate significantly. To test for numerical instability, the time increment was 
cut in half (from At = 0.02 sec to At = 0.01 sec). The two solutions were 
almost indistinguishable. Also, the effect of omitting vertical accelerations -- 
‘joint n masses as done by Latona, was seen to be negligible. 
The strain- -hardening solution for FRAME 63, using the Masing Model, shows 
only a small increase in displacements in Fig. 9. A commen effect would be 
_ seen for higher strength steel with smallere,,, = 
_ Both FRAME 63 solutions just described for Fig. 9, “used eight elements 
per member, usually good for preliminary studies. The refined model results _ 
_ shown in Fig. 9 include hardening, and had 16 elements in the girder and _ 
elements in columns. Results of this solution show an increased negative 
_ displacement at about 1.8 sec, and subsequently, all displacements are shifted 
negatively, from an eight-element solution. An intormodints cclution (16 Cements 


= due to different scales being used for dimensions and - oem 
f =the sketches show the significance of the change in geometry. For the reversed | 
= 
i| 
| | 


Latona ( 


 Sttain Hardening /Refined 
~ Strain Hardening iy 
aigghe 


FIG. 9.—Relative Displacement History with Geometric Effects (lin. = 25.4mm) _ 

: AG. 10.—Relative Displacement History Neglecting Geometric Effects (1 in. = 25. 4 


(ine 


FIG. —Deformed Freebodies « of Right Co! (1 (1 in. = 25.4 4 mm; 1 kip-in. 
kNmm; 1 kip = 4.45 KN): (a) Neglecting Geometric Nonlinearity; and (b) Considering 

af the of the ant towing (8 


_ for columns and girders) showed only 2 about a 5% difference from refined solution; ag 

thus convergence is evident. Normally, 16 elements-20 elements: would be 

_ tecommended for members with a large amount of inelastic action. ‘Solutions 

for eight elements 32 elements in columns required sec and 1,100 

ec of Central Processing Unit time on an Amdahl 470 computer. 


_ Fig. 10 shows results of Latona’s analysis neglecting P-A moments sand FRAM 
63, neglecting all geometric nonlinearity. Results are in fairly good agreement, 4 
but show some drift relative to each other with time; Latona doesn’t state 
if he studied the stability of his solution for this problem eid 
The differences between the 63 solution neglecting and 
geometric effects are shown in Fig. 11. The deformed freebody diagrams are | 
for points a, shown in Figs. 9 and 10. tig shows the difference in response _ 
when the P-A effect is considered. The column is unloading such that P-A 
q _ moments help resist the motion. Thus, the P-A solution shows that while the 
; _ moments ; and shears have reversed, the shear deformation for the column has 
a ‘not reversed. It is interesting that Latona’s model doesn’t pick up any significant P 
difference at = time between his solutions and considering P-A 
This lack of exstenpentenee betwen the directions of the shears and shear 
"deformations i is due to the inelastic action (i.e., after large plastic deformations, 
‘the member starts” to unload, such that while ‘the direction of the force has 
_feversed direction, the direction of the deformation has not yet reversed itself). 
This same type of response is observed in Fig - 1106), where has 


reversed but the has not yet reversed. 


or Ten- Story Frame For EARTHQUAKE — 
A ten- -story steel frame has been analyzed previously (8,18) for a base motion _ 
of 1.5 times El Centro. Details of the frame are available in —s references. 
_ Fig. 12 shows a sketch of the frame and the response of the roof. 
Refs. 8 and 19 both use a plastic- hinge model of the members, with inelastic 
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Time (sec. ) 


tet 


| 
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a FIG. 12.—Response of Roof of Ten-Story Frame to Earthquake Motion (1 in. = 25.4 |g 


in tension, and buckle elastically at zero axial load in compression. Ref. ~~ 
uses a numerical solution of the equation of motion similar to that of FRAME _ 
63, except the ‘‘equilibrium’’ unbalance is allowed to act for one time step 
before correction forces are applied. Ref. 19 uses a fourth-order, Runge- Kutta 

— single e-step it iteration technique, with a delayed equilibrium correction for vertical , 

: forces only. Results for the ten- -story braced frame are essentially the same | 
by both references. Both references and FRAME 63 used an elastic- — 
‘stress- strain curve with a yield stress of 36 ksi and essentially : no strain hardening. 
Results for the ten story, with and without the bracing, are shown in Fig. 
12. Results shown are for Ref. 8 and FRAME 63 ‘solutions. ‘Dashed solutions - 


rences 
between the two solutions for the first 4 sec. After that time, FRAME 63 r 


_ solutions show slightly-increased deflections in the positive direction. The 
differences are very minor and indicate that the simpler, less costly plastic-hinge 
_ models would be quite adequate for this case. The ratio of maximum axial 


FIG, 13.- .—Force Variation in Braces (1 kip = 4.45 5 KN) 
load to column yield load is around 0.12 for lower stories, and 0.1 for upper - 
- stories. Unfortunately, detailed studies have not been made to show at — 
axial load ratio the more detailed fiber models are required to obtain <5 
solutions. Also, the effects of various stress-strain models have not been looked | 
atforthisframe atthistime, 
 Distinguishable, but small differences between the Ref. 8 and FRAME 63 
e solutions show up earlier for the braced frame than for the unbraced frame, 
as indicated in Fig. 12. However, the FRAME 63 solution for or the braced frame — ; 
= was stopped at about 4 sec, since the results were so close to those of Ref. 
4 and the FRAME 63 model is more costly in computer time. Fig. 13 shows © 
that the two lower braces have both undergone periods of positive yielding 
and essentially elastic buckling and for the very slender brace members of | 
the example, results using the simpler brace model are quite good. The small © 
tension force indicated by Fig. 13 for the braces at ¢ = 0 are a a reflection 
~ of the more accurate FRAME 63 model. The forces occur due to the consideration _ 
of head self-weight of the braces, and the fact that — e 


* __ unloading oc ing only 2 he nodes. Both references consider P- but not 
i 
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Defurmation (in) 
chiens 14, 14.—Inelastic Response of Brac Brace ) 39 Au kip = 4.45 KN; 1 in. = 25.4 mm) dee 


= chord due to curvature of the member), is considered in the large displacement — wy 
Fig. 14 shows the axial force- axial deformation response of member 39 which © - 
undergoes cycles of yielding and buckling. A model that assumes an axial response _ 
_ that is elastic-plastic in tension and buckles elastically in in compression, _ would 7 


clearly be adequate here. Stockier brace members however, would require ea 


» WwW 
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ofl 


The Masing model for inelastic response / of steel with strain hardening can 


give quite good frame and member response, although stress-strain and section 
response may not be as good as more sophisticated and costly models (13). 
_ Geometric nonlinearities can strongly influence overall frame response. Parameter | 
_ studies are needed to define when the simpler and less costly plastic-hinge — 
ss are adequate. Work is needed to develop models of member behavior 
that avoid building solution from stress-strain level through section level to a - 
4. member, but which can still predict member inelastic response for cases in _ 
which the plastic-hinge models are not adequate. fet 
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The following symbols are used in this paper: 
= stiffness defining kth component curve: Fig. 1(b); Sod « 


ioe 


= gm stiffness matrix, including geometric and material nonlinear 


| 

sT1 
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— | 
lumped-mass diagonal mats 


slope of line segment connecting and ‘the virgin 
€ curve or force-deformation curve; “facta =? 


ad Y, stress defining the kth component curve: Fig. 1(b); 


kth abscissae value of the virgin o o-€ curve; 


stress at a point in the section; wo 
ordinate of the o-ecurve: Fig. (a); 
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Loap AND HyprostaTic TESTING OF WATERSTOPS 


_ By Robert L. Hails,’ Marius Vogelfanger,’ ond Michael L. Conner? 


“seismically independent : structures of a nuclear power ‘plant. This leakage of 


water has the potential to damage property, or degrade important equipment — 


needed for safe plant function, or both, 


_ Elastometric waterstops have been used to accommodate building differential | 

motions while maintaining an impermeable membrane. Fig. | shows a waterstop — 

design for two adjacent foundations using a waterstop spanning a gap with 
7 enlarged embedded edges, the dumbbell waterstop. This design has an advantage 


_ for heavy construction in that expensive formwork need not be interrupted 
- - for a wanenep detail. A dovetailed, foam reglet is removed from the first 
aa placement, the waterstop is grouted into the cavity, and the second concrete — 
_ placement is made. The joint between the two adjacent and independent s structures — 
‘ requires an additional design consideration in that the waterstops are subject 
i. stretching due to differential movement of the two structures. ees) 
___ Earlier works have considered the sealing properties of a zero gap design © 
_ (1) and the seismic material properties of the elastomer (2). Due to the interrela- 
: tionships of lack of confinement in | the concrete cover, , the song gap between 


“the grout detail, the 1 need for ‘comprehensive tests existed. 

_ The work analyzed herein was developed through 1975- -1977. ‘Tests 1 were 
a “conducted to determine the load capacity and the ayGeostatic load capability | 
of waterstops. These tests and results are examined herein. 


"Asst. Proj. Engr., Bechtel Power Corp., 15740 Shady Grove Road, Gaithersburg, Md. | ' 
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. - The need to prevent the flow of floodwater through construction joints and _ 
&§ 
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Description of Tests ano ProcepuRE 

_ The test. program was performed in two parts. Test I determined the load © 
capacity of the waterstop construction detail between two adjacent buildings — 
in three mutually-perpendicular directions, and Test II determined the a 

“allie and water-tight integrity of this construction detail under various 
. deflections and hydrostatic heads in three mutually-perpendicv lar directions. aa 

Both Tests I and II were performed twice, using two commercially available 7 
products. . All joint installation was completed in accordance with the manufac- an ; 
turers’ recommendations, ava 


i No desired or predicted values were anticipated for tests. The intent of the 


the 


— 


‘tests was to study the behavior and responses of this ‘type type of ae 
joint esign. 


Test I. —The purpose of this test was to ‘determine the load capacity of the 
3 ‘waterstop ‘construction detail shown in Fig. 1 when subjected to loads in three © 
mutually. perpendicular directions. A total of nine test specimens were constructed 
sing the materials and dimensions shown in Fig. 1. All concrete conformed 
— to typical industry standards for normal weight concrete and was placed in 
5 accordance with specifications typical of the nuclear power industry. The 
waterstops used were the size and type shown in Fig. |. __ rae shee 


_ The test specimens were constructed as follows. Block A was cast in forms | 


— 


| | 
| 
| 
| 
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TESTING c OFWATERSTOPS 
- which incorporated a vertical dovetail | blockout as nines in Fig. 1. The forms — 


were stripped» within 24 h. The surface of the dovetail | blockout was cleaned 7 

of debris, and, after a a minimum of two « days, the waterstop wa: was ; grouted vertically e 

pe ‘in place after which the entire block was water cured for a minimum of seven i 
days. Block B was similarly constructed. used was tested in 
accordance with normal industry standards. 
_ Blocks A and B of a set of three test specimens were separated under 
q gradually applied load in each of the three mutually- -perpendicular directions. 

> 


The tests were performed in a way to minimize any frictional forces. The mode ~ 
_ of failure was recorded, and the stress was calculated by dividing the separation - 


x 


-9° WATERSTOP 


DOVETAIL 
- SEE DET.1 BLOCKOUT 


whe 1FT.*.305 M. 
FIG. 2. Capability Tost Test Crest ") Specimen an 


_ area of the waterstop in square inches. This value was determined by the gross 
toad applied and the nominal area of the material. Thus, the joint material 
—* was averaged over the perimeter (local stresses were ignored). veal 

Beny test report val an independent testing laboratory included the following 
erature; G) concrete test data for for each 


_ unit weight; and (d) concrete compressive strength at 28 ae (4) stress 
a deflection curves for each eee (pounds per square inch versus - 


ax 


: oad (determined within an accuracy of 5%) in pounds by the original unstresse 
| 
“a... 
q 
= 
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Test Il.—The purpose of this test was to assess the hydrostatic load capability 7 
the detail. This’ hydrostatic measured when 


—Product B: Stre Curves 
_ waterstop was subjected to incremental deflections in three mutually-p perpendicu- 
= directions under several hydrostatic heads. {3} 
‘The test were constructed by using the materials and the 


|, 


.) inches); (5) mode of failure of each specimen (sketch and analy" sketch 
_ of test apparatus; and (7) notarized signature of responsible test engineer, — 
, 


‘ TESTING | OF WATERSTOPS 
‘shown in Fig. 2. A total of | three “test ‘specimens v were constructed using the 

s identical specifications and construction methods listed for Test I. Concrete 
; tests were performed for each batch of | of concrete Prepared i in d in making sp specimens 7 


stal stated for Test fection ihe were tos heade 


"TABLE 1- —Hydrostatic Testing of Waterstop Assemblies, Product A: X Direction 


Deflection, | Load, in 
(centimeters) | (meters) (kilograms) per mete of leakage 


Between weterstep and 
Between weterstop p and 


Between waterstop and 


+8, | Between waterstop and 


concrete 


Between ond 


concrete 


Slight dripping 


- 0.125 Between waterstop and 


Between top and 
concrete with small leak 


at splice joint ok 
Le 10,675 —" Splice joint broke open 
gauge capacity was 0 0. 66 
— 


q 
10 
5 
8,075 | (0.235 
q 4 | 
| 
gal /h/ft (0.0082 m*/h/m) 


2. Testing of Waterstop Assemblies, Product A: Y Direction 
7 


‘in gallons 
per hour 
per foot 
bie 
Deflection, head, | Load, in 


rs (kilograms) per meter) | Location of 


7 


waterstop and 


"Between waterstop and 
concrete and at 


Between waterstop and 

concrete 

Between waterstop and 


concrete 


= 


A me 

_ Between waterstop 
0.27. Between waterstop and 
(1.64 Between waterstop and 
(0.0204) concrete and 

| at splice joint 


= 
| 
a + 
| 0.0006 
am | @2 | @.0000071) 
of 
le 


TESTING OF WATERSTOPS 
‘The concrete blocks of each of three test specimens in which the waterstop _ 


was embedded were separated to deflections of 1/2 in. (1.27 cm), 1 in. (2.54 
em), 1-1/2 in. (3.81 cm), and 2 in. (5.0 08 cm) in the X direction as shown 
in Fig. 2. For each deflection, the specimens v were loaded to hydrostatic heads _ 
equal to 0 ft, 10 ft (3.1 m), 30 ft (9.2 m), and 50 ft (15.3 m). The water leakage _ 
through the specimen, if any, was measured as nominal gallons per hour per 

_ foot of waterstop for each increment of hydrostatic load and for each increment 

4 of deflection. The same procedure was repeated, and the data was recorded © 


in the Y direction and Z direction for each ‘specimen. 

Me TABLE 3. —Hydrostatic Testing of Waterstop Assemblies, Product A: vA Direction 


Water 
flow, q 
in gallons 
} per hour 
per 
Deflection, Load, in meters 
 ininches | i pounds per hour 


(centimeters) _ (kilograms) per meter) Location of leakage 


0.5 


(272) bean 
(1.27) 


etween waterstop and 


concrete G7 


5 | Between waterstop and 


Teaiiaes exceeded the capacity of the flow gauge. Flow gauge capacity was 0.66 
(0.0082 m*/h/m) of waterstop. 


— 


| test report of an independent testing laboratory was similar to that 
Test I with the following additional information: (1) Water leakage, if any, 
oy gallons per hour per foot of waterstop f for each increment of paves : 


‘Test I: Load Tests. —Eighteen test assemblies, as shown in Fig. | were tested 


‘in accordance with the aforementioned description. In all cases, ‘Block was 


load and each increment of deflection for een (2) force on | 


| 
| 
> 
05 | 50° 3,800 0.125 
(16.1 | 3,100 a 
i 


fixed while the dovetailed Block ‘A moved under the action ofa 

; ram. It is noted that the waterstops were not precisely cast in every block — 
but rather exhibited a slightly irregular form typical of normal ppl 
practice. Three assemblies of each manufacturer were subjected to a waterstop — 
tensile load applied so as to separate the two blocks (designated the X direction). 


TABLE 4.—Hydrostatic Testing of Waterstop Assemblies, Product B: X Direction — 


tom 


4K: 


Between p and 


Between waterstop and 
al concrete 


"Between wsterstop and 
concrete 
Between waterstop has 
concrete 
Numerous leaks between 
waterstop and concrete 
. 
with small leak at 


4 waterstop and concrete 
with moderate leak at 
splice joint 
“Leakage exceeded the “capacity of the flow w gauge. Flo Flow yw gauge capacity was 0.66 


(0. 0082 m */h/m) of waterstop. aes 


The averaged results are shown in Figs. 3 and 4 for Products A and B, respectively. — , 
_ Three assemblies of each manufacturer were subjected to a waterstop transverse cd 


_ shear load (designated the Y direction). The averaged results are shown in 
Figs. 3 and 4. Three assemblies of each load manufacturer were subjected 
to a waterstop in-plane shear load (designated the Z direction). The — 

_ fesults are again shown in Figs 8 and 4. The “‘least square”’ technique was a 


— 
| 
bail 
325 aes — 
asa 5,250) 0.0016) 
: 
| 


Navin AW 

Water | 

Deflection, head, Load, in 

pounds 


in inches in feet 
(centimeters) (meters) | (kilograms) 


(2,574) 


uf 
= 
| 


3.1) 

9.2) 


(9.6) 


G, 


(5.08) 


rus 


= 
in gallons 
hour 

per foot 
(cubic 
meters 

per hour 


per Location of leakage 


dripping 


patton si 
Between waterstop and i: 


concrete 


Slight dripping 
Between waterstop and 
concrete 


q 


Between waterstop and 
concrete witha leak at 
splice joint 
Between waterstop and 

concrete with a a leak 
=u 
Between waterstop and 
concrete” 
Between waterstop and 
a concrete with a leak at 
splice joint 

Between waterstop and 
concrete with a leak at 
Splice 


185 
0023) 


ve 


Pod _ TABLE 5.—Hydrostatic Testing of Waterstop Assemblies, Product B: Y Direction . 
aan (9.2) | (1,758) 
q 
sey 
asa 667) | concrete with aleak at 
o | 56795 | O 
| is | | ses | esas 
a (0.0016) 
«| 
0.0078) 
se 
4 066 
0.125 
— (0.0016) 
7,650 atl | 
2.0 
; 
- _ “Leakage exceeded the capacity of the flow gauge. Flow 


Test Test Il: : Hydrostatic Tests. _—Tests were. conducted for both 
B. The test results are tabulated in Tables 1, 2, and 3 for Product A, and 
Tables 4, 5, and 6 for Product B, for the X, Y, and Z directions, respectively. _ 
_ These tables show the water flow in gallons per hour per foot of waterstop 
_ for each increment of deflection in inches. The location of the leakage is also 
given. The Tests for the Y direction whose results are given in Table 2 for 
. Product A were repeated due to the fact that the capacity of the flow meter _ 
: _ was exceeded in the initial testings. The ‘Subsequent tests were performed with 


‘TABLE 6. —Hydrostatic Testing o of Waterstop Assemblies, Product B: Z Direction — 


Water 
in gallons | 
per hour 
load foot 

“Deflection, oad, in | meters 
inches infeet | pounds = per hour 
a (meters) (kilograms) per meter) 


yg 0 


(1,644) 


broke ope 


(0.0082 m*/h/m) of waterstop. 


the use of a greater capacity flow meter; thus the leak ai was ~— “i 


failure. The final test results are shown here for simplicity. 


sua -deflection ‘characteristics of common 1 elastomers. It can be concluded 
that buildings which separate by either earthquakes or relative settlement may . 
sustain a great deal of relative motion without physical damage to the waterstop © 
or a reduction in its capacity as a water barrier. The capability of the design | 7 
u for motion is greatest in the direction i in the plane of the waterstop and transverse — 


: its longitudinal axis, e.g., , including tension between the edge bulbs. The 


least capability for motion is in the direction which places the waterstop in 

_ The modes of 1 failure are notable from a seismic design viewpoint. In no 
: case did the grouted dovetail fail or did the elastomer fail by tearing. In one — 

case, the failure was spalled concrete. In all other cases, the mode of f failure : 

was the dislodgement of the intact et_waterstop from its initial embedment. It 


7 
‘wi 
_ Location of leakage 
ec. Flow gauge capacity was U.00 


ie is ‘submitted th that ‘these ar are most favorable response nse conditions. After an _ 


iq 4 earthquake, there is evidence to support the assumption that no gross rent 4 ' 
a Or opening would exist even if severe motion occurred. Assuming that final 
_ displacement is less that the maximum experienced transient, an intact and 
elastic membrane would remain between the two adjacent structures. Any leakage 
7 due to concurrent or subsequent flooding would be greatly reduced by the 
an membrane’s presence. (Another significant influence would be the presence _ 


4 TESTING OF WATERSTOPS 


_ of resilient foams normally cast in place to form the gap. ‘This effort was beyond — 
“the scope of this work but merits study.) The hydrostatic tests have provided 
data which may be considered in flood design for both undisturbed and deflected 
joints. This is important, because nuclear plants normally have sump pumps 

_ capable of removing through-wall (or slab) leakages during flood conditions. 
q This report may give some data for use in damage assessment studies for such 

: conditions. Due to physical test constraints, even with retests employing a a larger 
flowmeter, the tests could not develop flows large enough to approach the 
design bases of typical modern pump system designs. However, it has been 

_ demonstrated that if permanent deflections are small either due to seismic or 
ra settlement conditions, then the waterstop design would sustain at least 50 ft 
of hydrostatic | head. Higher capacities may be possible. = 

7 At extreme test conditions, leakage occurred at a ruptured splice joint or 
a between the concrete and waterstop of Block B. At no time, did any leakage | 
occur between the grout and waterstop. No rupture of the waterstops or concrete 
occurred. Thus, the unreinforced concrete cover, common to construction, ad 


Come, ed are tafiected ww 1977 Pox 


The most difficult task i in any large multicorporation research effort spanning 


tisk of failure, the writers wish to acknowledge the spleadid help “of the 
representatives of the Mississippi Power and Light Company who funded the 
research, the Pittsburgh Testing Laboratory who performed the tests, the Ww. 
R. Grace Company and Williams Products Company who supplied aid, advice, 


and materials for this work. Finally, we are indebted to Maynard Palmer, who 
wa 


as involved in the program development. vat fers a great 
fo cach degree of the 
. Houston, B. J., Water Retentivity and Strength of Splices, 6-546, U.S. Army Bagineer a 


Waterways Experiment Station, Vicksburg, Miss., Dec., 1965. 
2. Laboratory Investigation of Rubber Waterstop Failures in Concrete Structures Caused 


a by Differential Movements of Adjacent Monoliths, 4-124, U.S. Army Engineer Waterways a 
Experiment Station, Vicksburg, Miss., Apr., 1955.00 
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MEMBRANE REINFORCEMENT IN SHELLS 

> By Ajaya K. Gupta," M. ASCE 
good pal oz of oF eA seul) to ow! 

. Shells, because of their unique form, resist the applied forces predominantly — 
wi membrane Reinforced concrete shells have been used extensively = 
as roofs, not only because they provide an efficient structural system (large - 

§ spans, less material, etc.), but also because of their esthetic beauty. In recent 

years, reinforced concrete shells have been increasingly employed to store grain, 

as pressure ' vessels, in offshore structures, and they also have many industrial 

applications. Their diversity requires the design methods be general and 

applicable | to all situations. Uy 3. 

“a Fig. 1 shows an element of the shell subjected to , membrane forces denoted 

by N,, N,, N,,. The state-of-the-art (or practice) of designing reinforcement 

- for these forces i is represented by a report of ACI Committee 334, ‘‘Concrete | 

Shell Structures—Practice and Commentary” (1). Most recommendations of 
this r report were later adopted by the American Concrete Institute (ACI) Building . 
a Code, and are reflected in its 1977 edition (2). For membrane forces, the report “4 

allows placing reinforcement in two or three directions and each reinforcement 

should resist the components of the principal tension force in that direction. 

_ Similar wording was used in the proposed ACI 349 code, which is examined — 
in Ref. 3. Tt was shown in Ref. 3 that the aforementioned criterion may result — 

. unsafe ‘design; subsequently, the wording was appropriately changed in the | 
ACI 349 code (4). 
_ Apparently, for practical reasons, the proposed ACI 349 code had a 


another recommendation of the ACI 334 report which places a great emphasis 


on providing reinforcement in the principal directions. A reduction of 5% in 
- allowable stress is recommended for each degree c of deviations from the p1 principal i 
- direction beyond 15°. This means that if the deviation is 35°, thenthe reinforcement _ 
becomes entirely ineffective; the allowable stress becomes zero. The report , 
does not specify the basis of this criterion, nor is it explained in any available 


Assoc. Prof. of Civ. Engrg., North Carolina State Univ., Raleigh, N.C. 27607. 
_ Note.—Discussion open until June 1, 1981. To extend the closing date one month, 

a written request must be filed with the Manager of Technical and Professional Publications, 
ASCE. Manuscript was submitted for review for possible publication on October 15, — 
= 1978. This paper is part of the Journal of the Structural Division, Proceedings of = 4 
= American Society of Civil Engineers, © ASCE, nar 107, No. ST1, January, 1981. ISSN fe 
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a control the crack size. As the deviation from the principal direction increases, ne 
the principal strain must also i increase to the in the reinforcement 


is essentially empirical and its s range of applicability i is not specified. 
In real life, a structure may ‘be subjected to many loads, and diferent — 
: = combinations of them. In each situation, the stress pattern will change, as will 4 

a the magnitude and direction of principal stresses. Obviously, it is meade 4 
yy to place reinforcement in principal directions for all the load combinations. a] 
Therefore, there is a need to have relatively definite procedures for 

reinforcement in two or three directions. An effort to do so has been made 
a in this paper. In addition, state of strain has been investigated, based on which, *- 
crack size can be controlled by the Strains (and stresses) 4 


FIG. 1. .—Reinforced Concrete Shel 7 
in a manner similar to, but different from the rule given in payee 318-77 
Recommendations have been made as to the design procedures suitable — 
in different circumstances. __ 
in Two Onrnoconat Dinecrions 
: Let us assume that the reinforcement is snail in x and y directions and 


has capacities N*, N*, respectively. In the limiting sense, the failure will occur : 
in the direction in which the ratio of the resisting force to the applied force be 
is minimum and equal to one. This failure criterion can be called ‘ ‘Principle 
* Minimum Resistance,’’ and was applied to shell membrane reinforcement 
- formulation by Baumann (5) and the writer (3). The same criterion was applied 
to flexural reinforcement in slabs by Lenschow and Sozen (6), Wood (7), and 
the writer and It can be shown that the design equations 


by the principal of minimum resistance are identical to those ‘obtained using 

- an equilibrium approach. The latter approach was used by oa 


= (9). Rosenblueth (13) achieved the same type of results with the use of Mohr 
_ circles. The principle of minimum resistance is equivalent to the concept of 
upperbound limit design used in engineering mechanics.§ = | 
= iff the components of applied forces and the resisting forces are Ne and Ne é :- 


Ns cos? 0+ +NS sin’ 29 


we N, +N, tane 
Nt=N cote ib, vi, 


The yield criterion is obtained by eliminating 6 from = S;thus 


to ‘this a approach, any N* will be safe when 
_ Using simple transformation ‘equations, it can be shown that the normal and 
tangential components of the resisting forces are equal to the 
‘components of the applied forces along the crack, 
_ The forces N* and N> in the reinforcement should be accompanied _ a 
_ compressive force, — N ., parallel to the crack in the concrete in order to maintain | ; 

_ the internal equilibrium. The ‘Magnitude of the of the | force, is given | by tliw @ 5 étes. 


_ For the design of shells, the direction of crack given by @ is arbitrary within 

4 the assumptions of the present derivation. As such, Eq. 5 constitutes the design — 

- equations for any assumed value of @. The condition is that N#= = 

which also implies that N* : = N, and = N,. Since the reinforcement 
used here to provide tensile resistance, we ‘also have N¥ = 0 and N¥ = 0. 


if the conees permit it, an optimum set of reinforcement is obtained by 


tan 
and the ol bisty ad) oF lewpe a 
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if the value of N* given by is ‘negative; ‘then it is In 
this case, we set N* = Oin Eq. 5a; then Eq. Sbgives 


if given by Be Eq. 9 is then = Oa and 


If N}orN? x given by Eq. 10 or 11 is still negative, res no tensile aiiieeiiiaiie 


bs State of Strain.—In the limit state, the normal to the crack direction makes 
an angle @ with the x-axis. The concrete is in a uniaxial state of compressive — 
stress in the direction parallel to the crack. It is, therefore, logical to assume _ 
that the nat i) represents the direction of major principal strain. Let the principal | 


‘strains be ¢€, and ¢,. The strains in the dir direction of reinforcements, i. e., in 


‘ 
Note that ¢, will have a positive value and €, will have a negative value. There | 
are two cases of interest which are examined in the following. 
When N Sand N ¥ are both positive. —In this case €, and €, both should be 
‘euiee and sufficiently high to develop ‘the N* and N* capacities. If the 
ate a is expected to develop its complete yield capacity in the limit, 
then «, = €, and €, =€,, in which €, = the yield strain of the reinforcing 
steel. For § = 0°--45°, €,2¢€,. [The sign of ® is chosen such that N,, tan 
— 6(or N,, cot 6) are positive. Therefore, 0 will be positive when N,, is positive, 
s i) will be negative when N » is negative. In the present analysis, " is assumed 
to be positive.] In the aforementioned range, we can set €, =€,, (e, remains © “ 


Similarly, for @ = = 45°- 90°, can 


is $ roughly equal. to the. yield strain for the 60-ksi steel. This would give the: 


= 
_ 
4 he vitimate ese the comn 


maximum of r in neighborhood of unity. _ However, the c 
stress in concrete will, in general, be much less than its ultimate capacity. 
For illustration purposes, therefore, r = 0.5 is used. For this value of r, rat 
- 14 and 16 are plotted in Fig. 2. It can be seen that the minimum value o 
ne the principal strain is 2.5 times the yield strain of steel which _ occurs for 6 
= 45°, For other values of 8, ‘substantially higher values « of « € are obtained. 
This indicates that to keep the crack sizes small one must adhere to 6 = 45°. a : 
; _ When the reinforcement is provided in the principal stress directions, — 
maximum hacen J sone in concrete need not exceed the yield strain of steel. __ 


= 3.8.38 60 70 80 90 


7a, FIG. 2.—Variation in Principal 1 Tensile Strain i in Concrete with r= 0.5 


‘This means that the cracks are likely to be much larger in size when the 
_ reinforcement is provided in orthogonal directions other than the principal stress 
directions, than when the reinforcement is provided in principal stress directions. Y 
_ Another way of limiting the principal tensile strain (and consequently, the 
bs crack size), may be to limit the tensile strains (€, and €,) in the reinforcement — 
= should not exceed €,, Eqs. 12, 13, and 15 « 


i- (1 + we sin 29 
b: 


This shows that if the 1 a in both ‘the orthogonal directions has + 
resist tensile stresses, the case we are considering now, then 6 should lie between > 
35° 55°. In this range, the ‘strains vary from 0-0.5 times the yield strain of 


. steel. This indicates that the allowable stresses in steel ‘reinforcement will have 


¢i- a 


‘Degrees 


“FIG. 3.—St Reint 0.5 
—Strain in Reinforcement 
" Consider a hypothetical case with N, = 100 Ib/in.; N, = —S0 lb/in.; and 
Ny, = 70 Ib/in. The required amount of steel area in the x direction (A, "4 
in the y y direction (A,), and in the total steel area (A, +A »)» are plotted in 
_ ny; 4. The minimum area is obtained at @ = 42°, when (A. + A,)f, = 657 “ 


lb/in., in which f, = the yield stress of steel. For 6 = 45°, the corresponding 
number is 760 Ib/in., which is 16% higher than the minimum. For most cases, 
6 = 45° may give satisfactorily low total reinforcement. If the reinforcement 
was allowed to go up to yield stress for 6 = 45°, then (A, +A fo = : 
which is 1/4 of the value obtained. 


is allowed to be. stressed u up to its yield stress, ‘the: principal tensile 
concrete is 2.5 times the yield strain of steel; when the principal tensile strain 
is limited to the yield strain of steel, the allowable stress in steel becomes 
_ 0.25 the yield stress of Pr (for 6 = 45°). For other intermediate situations, 


t Le = the stress in steel Teinforcement, and @ is assumed to be 4°. 


th x Yield Stress, lbs/in. 


Per Unit Len 


Reinforcement Area 


“4 


4 


FIG. csleaie in Reinforcement Area, «, = €,, r = 0. 4 N, = 100 Ib/in., N 


When ‘either N * and is zero.—Assume is zero. According to Eq. 5b 
this happens when N, < 0 and N * is defined by Eq. 11. Inthis case, wole 


When the reinforcement in the x direction is expected to develop it its yield strength, 


- 


«, = 0, and €, can be arbitrary. From Eq. 12, minimum e, will be obtained © 
for €, = €, by making the ant using Eq. ISweget oar to 


| 
q 
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_ which is the same as Eq. 16, except that Eq. 14 was valid oaly | for 8 = 45°-90°, se 
_ whereas Eq. 22 is valid for all 6 given by Eq. 21. For r = 0.5, ‘Eq. 2is 
plotted it in Fig. 5. For = 0°-45°, €, varies from €, -2. ; and for = 45°-90°, 
 €, varies from 2.5¢€,-0. Note that if Eq. 9 was used first to calculate N;* and 
obtained a negative value of N¥, subsequent to which N *¥ is set equal to zero 
N* calculated from Eq Ti, then, N, < 0; |N,| = lies between 
 0°-45°; and varies between -2.5¢ On. the other hand, when |N,| = IN, 
Eq. 11 remains valid, for which @ = 45°, and €, = = 2.5e, from Fig. 2. eh 
for all ‘cases, one can limit the principal tensile strain in concrete to = $<,. 4 
Of course, when 6 given by Eq. 21 is less principal tensile 
would be less than 2.5¢,, as shown in Fig. 


@=90° 


. 5.—Prine 


FIG. 5.—Prin pal Tensile Strain in — n in One Direction n Only, og 
before, it may desirable to the crack size by limiting the value 
of the principal tensile strain in concrete to e.g., se,, in which s lies between > 


1 to (2 + r). This can be achieved by limiting strain in the reinforcement. The 
lowable sri strain is given by se, for € in 12 Eq. 


in which @ is given by Eq. 21. The relative sotnetien in the allowable stress & 


(4 
| 


= = 


= 1, e., and r = 0.5, Eq. 24 becomes» foke 


Ry=1. 

in stress is 100%. Also shown in Fis, 6 is 


Equation en 4 


Approximate 


= 


i 


“tion of Allowable Stress, Ry, Percent 


ti 


Critical Angle 


a0 FIG. 6.—Reduction of Allowable Stress, 


23 and the approximate curve in Fig. 6, are important for illustration 
purposes. Otherwise, Eq. 24 itself is quite straightforward and does not need — 


we. 
f 
| | 
Versus Critical Angle, 6 
pas 
to ihe curve. accordines to which the following reduction rates 


Skew REINFORCEMENT 
it It may be desirable to place reinforcement in two Geodions which are not = 
orthogonal, such as } when reinforcement can be put along Straight generators 


again. It has been used for ‘flexural skew reinforcement by Wood (7), “Armer 
(10), and the writer (11). Derivations for membrane reinforcement and flexural — 
reinforcement are similar. The following treatment follows Ref. 11. | 
a Consider a skew shell element, as shown in Fig. a Applied and resisting — 
_ forces are defined on the faces of the element, as ‘shown. In terms of the 


conventional N, forces, the “skew”? forces are 


N, .sin?a +N, cos 2N,, sina 
=(N,-N, ) sina cosa + N,, (sin? 


Following the principle of minimum resistance, if the normal to the crack itn 
makes an angle 6 with the x- axis, then the resisting forces should be 


a) 


co 
N,cota T,-N,cota N,,—N,cot 
—_ with the selnforcoment in the € direction, a — @ is the angle it makes 4 


with the reinforcement in a7 direction. The yield criterion can be obtained ~~ 
6 from 27. Thus 


condition = N, can be applied to get the design of 
N? and N*. First consider the components of applied and resisting forces 


perpendicular to the direction of the applied f force = N,; and the Tesisting 
force = sin’ a. 


Similarly 


i nan Curved “hell the nrincinie OF minim Can he anniied 
WE 
i 
| 
| 
1) 
= 
those for orthogonal reinforcement; Eqs. 27 and 29 are parallel to Eqs. 13 
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14 for. reinforcement. As before, the minimum Ns a 


mh 


win positive, Ba. gives § = 


a State of | Strain.—In terms of the major and minor principal s strains in concrete 
€, and the strains in reinforcement are wr nade 
= € cos 6+ €, sin? 


Ae 
the | case in n which in both directions has | to resist tensile 


«140 160 18) 


- reinforcement is nested has sleendy been examined in the previous section. 
_ If the reinforcement is required to develop its yield strength, then the principal 


| 


> r§@=a/2 


| 
| 
g 
| | 


obtained when we 


€ 


when is minimum va ue of be obtained 


1 10 100 90 70 


120 


100-110 


upon the value of a a. Ifa designer has the choice ‘to ‘select the value of a, : 
then it is apparent that the skew reinforcement can be used with advantage — 


to keep the concrete strain low. For example, when N,, «a positive and a 

45°, or when iS negative and a = - 

The other choice is to | limit the principal tensile strain in concrete to a value, 


s€,; the reinforcement are given by Egs. 


33 and 34. Thus 


a 


comm 


ost cases, it will be sufficient to consider the ‘ei 8=a a / 2 for Teen, 3 
or 


Fig. 9 shows that variation of €, and €, with a, based on Eqs. 41 and 42 be 
s = 1.0 and r = 0.5. It is apparent that one can choose an appropriate value 
of to keep the strain in reinforcement close to its yield 
i.e., when the designer has that choice Padi 
REINFORCEMENT IN THREE Diecnons fe 


3 When the reinforcement is oo in two orthogonal directions other than 


N 


ad! FIG. 10.—Reinforcement i in in Three Directions 


be developed in concrete parallel t to o the crack direction. This requirement, as 


_ shown in the previous sections, results in relatively large principal tensile strain 
in concrete. This situation can be remedied by providing reinforcement in a 
_ third direction, which would replace the need | for developing compressive stress 
im concrete. This, in turn, would reduce the requirement of high concrete sree 
L ‘as suggested by Baumann (5). ate 
A three-directional reinforcement mesh is shown in . Fig. 10. The orthogonal - 
reinforcements provided in x, y directions have capacities of N*, N? , Tespec- 
tively, at an a a to the 2 x- axis the | has a Capacity “Assuming 


¢ 


e vations can n be v written as follows 
IMD Leis 10 Tals Ona an wrod 


N, = N* + cos*a . tine 
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“It is providing reinforcement in three ‘needs less total 
Feinforcement than providing it in two orthogonal directions. sob sath. 
Consider an isotropic state of strain, é, = «*, in which e* < 
this case, reinforcement in all three “directions will have a strain €*, which 
will be the same as the tensile strain in the concrete. ‘Thus, one can set ia 
i" _ equal to the maximum allowable tensile strain in concrete from crack size 

considerations. The same strain can be used to calculate the allowable stress 


in 1 steel reinforcement. 


AND 


- 
‘The emphasie in ‘the. present paper is on design rather than on analysis or ; 

checking of Reference is _made to o the works of Paduart (13) 


consists of ‘securing and “serviceability. Rational ‘methods of 
- strength are generally available in the literature although they are not yet United | 
States practice. An effort has been made to present the relevant material in 
an integrated manner to promote its } application. A major component of —_ 


ability requirements is the control of crack width in the shell, which in turn - 


depends upon the tensile strain under the applied forces. Methods of calculating 
the strain are presented. Further work is needed to establish the relationship 
between the strain and the crack width. Whatever methods are developed to 


do so can appropriately use the strains calculated i inthe present paper, = : 


as 


- al The approach used in the paper can n be considered to be a “aecto- -element”” 
approach with its inherent assumptio 
. interaction between the reinforcement and the concrete. The gross compatibility 
1 _ is maintained on the element level in which the average principal strains between a 
_ the reinforcement and the concrete are the same. No effort has been made 
to introduce rigorous flow rules in the nonlinear behavior of the element. 
‘Equilibrium i is the main driving consideration; deformations (or strains) a are simply — 
ipvarsary as a companion effect. On the macro-element level, this assumption | 
appears to be quite justifiable, purely from physical and heuristic considerations. 
However, how the macro-elements fit into the global state of shell deformeiion 
is wnelear at this time, and needs further study. Nevertheless, the writer believes 


F 
7 
a 
| 
(440) 
interest for which N*, 
i 
4 
= 
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that the taken is in the right and provides information which 
‘should not be too far from the reality. 
In the strength calculation, effects of shear friction and aggregate ‘interlock 
dong the crack are neglected. In the equilibrium condition, it is shown that 
ss ae (tangential components of the applied forces and the resisting forces along the 

_ crack become equal when the latter is derived entirely from the reinforcement 


P capacity. . From this point of view, the shear friction capacity is certainly not 


a 


required to maintain the equilibrium. of the macro- element. Bazant and Tsubaki_ 

es have developed equations for the reinforcement requirements when the § 


_ When the concrete strain should be limited to limit the crack width, based gp 
on the present the designer has the following choices; = 


Tae He can provide reinforcement | in two aitbiaiiias directions, using Eq. 9. eal 


’ ie which corresponds to @ = 45°. The allowable stress in the reinforcing oa A 


ce ° He can provide reinforcement in two directions subtending on angle | a. 3 
<a a He can use @ = a/2, or (mw + a)/2 as applicable and calculate the capacities 
using Eq. 27. The allowable strain (therefore, in the reinforcement = 
ee In many applications Eq. 9 or Eq. 27 will ‘indicate that t the reinforcement 
is needed in only one direction. Angle 6 is given by Eq. 21; the corresponding _ s 
_ reinforcement i is given by Eq. 11. The required reduction in the allowable capacity x: 


below the yield stress is given by Eq. 24. 


ay 4. The ‘designer c can provid 
- directions, and at an angle a to ‘the x x- axis. s. Eq. 44 gives the. desired capacities. 
Directions x, y, and a should be so selected that all the three capacities a | 


out to be positive. In this case, an isotropic state of strain can be developed. 


When the crack size is not a ‘signific cant there is 
wall to use reduced allowable stress for steel reinforcement. One can ow 
essentially the same procedure as outlined in the preceding four commie, 4 
e except using the yield stress as the allowable stress in steel. Note, the procedure 
__ essentially adheres to a particular value of 6; angle 6 6 = = for orthogonal — 
design and @ = a/2 or (1 + a)/2 for skew reinforcement, and 6 < 45° for 
7 ‘reinforcement in one direction only. As shown for other values of 9, very — 
a high principal tensile strains in concrete are obtained, which would be undesirable. a 
_ Even when the concrete strain is not a consideration, reinforcement can be 
in three directions, which gives the least amount of total reinforcement. 


ree directions | may, _ however, be more expensive z 


than placing it in two directions. In addition, a greater thickness of shell ma 
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of the ASCE- —— Committee 334 , Concrete Shell Design and Construction. 
th the process, the writer has reviewed the subject with many members of 


the committee. Their assistance is gratefully acknowledged. The material reported 
in the paper does not necessarily reflect the views of the committee. E> od) an 
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Lock-i -in is a wind- induced excitation mechanism that causes large amplitude 
cross-wind oscillations of structures at wind velocities where the vortex shedding = 
_ frequency is close to the natural frequency of the structure. The aim of this 
q q y 

r _ paper is to assess the significance of lock-in excitation in causing large roc 


__ eross-wind responses of tall structures in strong wind conditions. = 


under simulated turbulent boundary ‘layer flows i in a wind tunnel are re presented — 7. 
in this ‘paper. A ‘prediction procedure and the relevant data that may | be used 
for the prediction of cross-wind responses of structures due to wake excitation | 
Cross- Excrrarion oF Buioinas AND STRUCTURES wh 
 Cross-wind ‘excitation of modern tall buildings and can be divided 
into three mechanisms (10) which are associated with: (1) The wake; (2) 77 


incident turbulence; and (3) the cross-wind displacement or its higher 


For buildings and structures under v wind action, the most common source 
= cross-wind excitation is that associated with vortex shedding. Fora particular . 
structure, the shed vortices have a dominant periodicity which is defined by 
the Strouhal number. Thus the structure is subjected to a periodic pressure ‘ 


'Lect., School of Civ. Engrg., Univ. of Sydney, New South Wales, Sydney 2006, 
ky Prof. of Fluid Mech.., Dept. of Mech. Engrg. , Monash Univ., Victoria, Australia. 
 Note.—Discussion open until June |, 1981. To extend the closing date one month, y 
7 a written request must be filed with the Manager of Technical and Professional Publications, A 
_ ASCE. Manuscript was submitted for review for possible publication on April 10, 1980. 
This paper is part of the Journal of the Structural Division, Proceedings of “ American = 
Society of Civil Engineers, ©. ASCE, Vol. 107, No. STI, January, 1981. 0044- 


anders cross-wind displacement responses of circular and square tower models = 


| 
| 


: loading which results in an alternating cross-wind forces. If the natural frequency cy | 
of the structure coincides with the shedding frequency of the vortices, large 
amplitude displacement Tesponse may occur and this is often referred to as & 
critical velocity effect. In practice, - vertical structures are exposed to a eel 
wind in which both the n mean wind velocity and the turbulence level vary wh 
E height, so that excitation due to vortex shedding is effectively broad- -band. 


—_! 


7 Therefore, the term wake excitation is used to include all forms of excitation - 
_ associated with the wake and not just those associated = the critical wind 


displacement. They a are frequently referred to as wind- induced instabilities ‘which i” 
occur because of either the flow pattern generated by the shape of the strecture, q 
or the change in aerodynamic force due to the motion of the structure. 
— Galloping i is a term used to describe large amplitude single degree of freed _ 
motion of structure associated with a sectional aerodynamic force characteristic 
. yhich causes an increase in cross-wind force in in the. direction of and in —a 
with the cross-wind motion. Although the occurrence of galloping in full-scale 
structures has so far been limited to two dimensional structures such as ice- — 
transmission lines, galloping excitation can be significant at very high wind 7 
for flexible, -lightly-damped, and slender tower-like structures (8, 13). 
Lock- in is term: commonly used ‘to describe large amplitude 
4 oscillations of a structure which occur at wind velocities at which the vortex. 
i shedding frequency is close to the natural frequency of the structure. The lock-in. 
excitation mechanism is thought to be due to the cross-wind displacement in 


: peasy the cross- -wind response of a structure causes an increase in the + 


 lock-i -in becomes « established, shedding: to couple 
p ith the natural frequency of the structure, and the large amplitude response 
Studies of the lock-in phenomenon reported to date, such as those by Bishop | 
and Hassan (2), _ Bearman and Davis (1), Stansby (19) and others, have been 
‘ mainly concentrated on the identification of the excitation mechanism of lock- in 

— in smooth flow conditions. Data applicable to modern tall buildings and structures 
in natural turbulent boundary layer flow are extremely rare. Wind tunnel model © 
studies by Vickery (21) on a reinforced concrete stack and by the second writer | 

- 6) on a slender square tower with a porous shroud on the top half appear 
_ to be the only two reported cases in which lock-i in has been found to be significant 
- for tall structures under ‘simulated natural wind conditions. It is thought that 

_ lock-in is more likely to occur for structures which have relatively low stiffness, 

- are lightly-damped, and are operating near the critical wind velocity. 
a Although the cross-wind excitation mechanisms are separately identifiable, 
it is believed that they often superimpose in causing response. This is probably 
the main reason why there is as yet no generalized analytical method available 


to calculate the cross-wind responses of structures. In many | cases, the major 
ms arene for the design of tall building and structures is the cross-wind response. 7 
This has meant that the only recourse left has been to determine this response — 


from aeroelastic model tests conducted in a wind tunnel model of the natural by ; 


LOCK- IN -IN EXCITATION 4 


_ Wind tunnel model tests were conducted on a circular and a square tow tower — 
o with a height | (h) to diameter | or breadth (b) ratio (h/b) of nine, and a square ¥ 
tower with a ratio of 18. These tower models are identified as the 9:1 circular _ 
tower, 9:1:1 square tower, and 18:1:1 square tower. These models were of | 
a rigid construction. They were pivoted at the base by a gimbal arrangement, — 
maintaining a straight-line deflection mode. The models were restrained 
‘ by fone horizontal springs, and oil was used to simulate viscous structural ‘tural damping. 


were used to measure the deflection and overturning moment acting on the 
_ The circular and square tower models were tested in the 6.5 ft x 6.5 ft 
(2m X 2 m) working section of the Monash University Boundary Layer Wind 
‘Tunnel. | Wind m models of natural wind flow over a ‘suburban area and a city 
4 center were developed over the 35 ft (11 m) fetch length of the \ working section. 
These were developed by using the augmented growth method in which floor- 
mounted roughness elements and four linearly-tapered vorticity generators 
. spanning the start of the working section were used (12). The 2 sis law — 
of x of the mean wind profile 


(+) 
Oh) 


was 0.23 and 0. longitudinal was 0. oor 


and 0.14 at the top of the tower, for the suburban and city center wind model 
Tespectively; U = mean longitudinal wind velocity; z= height above ground; : 
and o, = = standard deviation wind speed fluctuation. A linear length scale of 
od / 400 was obtained by modeling according to the power spectral density function 
of the longitudinal velocity, thus giving the towers an equivalent full-scale height 
of about 710 ft (216 m), and a diameter or breadth of about 80 ft (24 m) for | 

_ the 9:1 circular and the 9:1: 1 square towers, and a breadth of about 40 ft 
(12 m) for the 18: 1:1 square tower. A more detailed description | “of th the tower 
models, , the test rig, and the wind models can be found in Ref.7. = = = 
_ Four series of wind tunnel tests were conducted as follows: (1) 9:1 circular > 
‘tower in the suburban wind model; (2) 9:1:1 square tower in the suburban wind : 
‘model; (3) 18:1:1 square tower in the suburban wind model; and (4) 9:1:1 square — 
_ tower in the city ¢ center wind model. The standard deviation cross-wind displace- 

nodels o, were re measured at -reduced 
velocities O(h)/(n, ‘ranging 4. 5-24, and at ‘values of structural ‘damping 
4 from 6%-0.25% of critical; n, = natural frequency of the structure. The 

- displacement signals were recorded by an FM tape recorder onto magnetic tapes. _ 

_ These recordings were subsequently digitized, and probability analysis and 
Spectral analysis were carried out by digital computer. 


_ Experimental results of only the 9:1 circular tower and the 9:1:1 square tower — 


4 
« in the suburban wind model are presented in this Section. - These results oo 
most of the response wi ock- 


| 
| 
| 
7 | 
| 
| 
| 
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4 excitation, , and galloping “excitation. The results eae the 18:1:1 square tower 
_ in the suburban wind model were found to be very similar to those for the 
ns | square tower (7). When tested in the city center wind model, the 9:1: a 
| _ Square tower did not exhibit any significant lock-in type response, which is’ 


thought to be largely due to the velocity profile and the higher turbulence 

characteristics associated with the wind model (7). Although the latter two sets — 
_ of experimental results are not presented in detail in this section, part of the | 
4 results are used in a later section for comparison with the predicted fesponses. — 
Cross-Wind Displacement Response.—The standard deviation cross-wind dis- 


placement Tesponses- at the top of the tower models v were as o 


= 


AIG. 1 —Cross- Wind Displacement Responses of Circular and Square Tower ‘Models 


_ increases in the cross-wind responses of the square tower and particularly of © 
the circular tower are evident at reduced velocities close to 10 and 7.0 respectively. 
These critical reduced velocities represent th the wind conditions | at which the 
vortex shedding frequency (n, ) is very close to the natural | frequency (n,) of 
the tower, i.e., the towers are operating near the peak of the wake energy 
spectrum. These large increases in response, especially that of the circular tower 3 
for which there is an increase of nearly two orders of magnitude as the structural _ f 
- damping is reduced from 6%-0.25% of critical, might have been caused ed by 
_ While it is recognized that the critical reduced. velocity for circular cylinders 
in smooth flows is highly Reynolds number dependent (particularly in the 
_ transcritical range), there is some evidence that the same degree of dependence 
does not follow in turbulent flow. In particular, it is noted that full-scale 
observations of critical reduced velocities for circular towers in the natural | 
~ turbulent wind boundary layer (17) are between 5.5 and 6.5 at Reynolds number | 
of about 10’ as ae anaes = 7.0 for these tests based on velocity at the 


| 
| 
bm: 
A 
L 


top of the tower, and which would be about 6.5 based on the velocity at 2/3 _ 


_ For most tall buildings and structures in turbulent boundary layer flows, the | 
_ cross-wind excitation associated with vortex shedding in the wake has qunenty : 
= accepted as the most dominant cross-wind excitation mechanism. “Wake | 
excitation is generally random in nature so that the cross-wind response due 
* ee this excitation can be adequately described by standard random excitation 
theory (4,20), and is proportional to ¢>'/?. Wind tunnel model studies of 2 
range of structures by Rosati (14), Vickery (21), and others have shown on 
* the increased responses are generally proportional to functions which lie between — 
= and ¢;'/*. Such a dependence is evident in the responses shown in Fig. _ 
a *s of f the ci circular and square towers when en they are operating at reduced velocities - re 


2- Wind of Circular and S Tower Models 


a away from the critical and at high values of structural damping (above 2% - | 
of critical). However, the responses increase much more rapidly with decrease 2 
| in damping when the towers are operating at close to the critical reduced velocity, a 
7 especially at low values of damping. For the circular tower, the proportional — 
function is considerably steeper than . Such a ‘Significant departure from 
4 the <'? associated with a random \ wake excitation. process suggests that the | ' 
. increase in cross-wind response associated with a decrease in structural damping _ 
_ might have caused an interdependence between the excitation and response 2 
(process which resulted in well-correlated excitation forces along the structure, _ 
i. e., a displacement dependent lock-in excitation mechanism might be significant 
in causing these large increases in cross-wind response. _ 
From the cross-wind response characteristics, it is possible to 
& approximately the amplitude of cross-wind response above which the cross-wind 2 
cannot be adequately accounted for by the random wae 


This is defined as the critical cross- -wind response amplitude (o, /b).,;,. In the y 


] | 
| 
q 


suburban wind model, the critical is 0.006 for | the 9: 9: 


circular tower, and 0.025 for the 9:1:1 and 18:1:1 square towers. When ~— 
_ 9:1:1 square tower was tested in the city center wind model, there was no _ 
significant noe -in type response up to a damping of 0. 25% | of | critical. |. However, 


_ lock-in excitation may become significant in the more turbulent city center type 
flow. It is interesting to note in Figs. 1 and 2 that although wake excitation 

= generally causes a higher cross-wind response for the square tower compared 
poe the circular tower, it appears: that the displacement dependent lock-i in 


in response e with a a decrease i in structural damping for ‘the ‘circular tower. ia . 
__ Structures with square cross sections are known to be also susceptible to 
+ salon excitation at high reduced velocities and low values of structural 
elloping A quasi-steady linear formulation of galloping excitation in terms of 
q i: a negative aerodynamic damping has been shown by the writers (8) tobe a acceptable 
as an indication of possible galloping instability at operating reduced velocities a 
above 20. The large cross-wind response of the square tower at a reduced | 
velocity of 24, as shown in Fig. 2, is believed to be caused by galloping excitation. 
At a reduced velocity of 15, it is thought that the effects of wake excitation 
and displacement dependent lock-in were increased by the presence of a negative 
_ aerodynamic damping associated with galloping excitation which resulted i in a 
significant increase in response, particulariy at low values of structural damping. 
_ Uperossing Probability Amalysis—When wake excitation is the dominant 
excitation mechanism, the cross-wind displacement response (y) of a structure | 
is usually well represented by a normal, i.e., Gaussian probability distribution. q 
However, under operating conditions in which there is a significant interdepen- 
dence between the cross-wind ‘excitation and response processes, such as in 
lock-in and galloping, the response is not normally distributed, and in extreme ~_s 
cases resembles that of a sine wave (7,10,11). To identify these excitation 
mechanisms, it is more convenient to express the probability distribution a 
the response of a structure in terms of upcrossing, i.€., ms , the rate of exceeding 
agiven response amplit Ipcrossing probability 
distribution can be represented by a a Weibull type distribution (11). The ‘response. 
- amplitude (or reduced variate) in a number of standard deviations above the 
- mean, associated with certain level of upcrossing probability (typically al 
or once per 1,000 oe of oscillation for the majority of buildings and structures) — 


} 


~ results were used t¢ to determine | the variations ; from ‘that of a ‘normally distributed 

process, and to identify the cross-wind excitation mechanism. 
q - At a structural damping of 1% of critical, the cross-wind response processes ‘ 

of both the circular and square towers shown in Fig. 3 are nearly normal operating — 

at reduced velocities lower than the critical values of about 7.0 and 10, respectively. q 

However, fever, when operating at and near the critical reduced velocity, there is 

a significant shift in the normalized upcrossing probability curve to the left 
a and away from that of a normally distributed process. This suggests that 
4 there is a significant interdependence between the cross-wind excitation and 


_Tesponse ore and that displacement dependent lock-in excitation is 
4 a reduced velocity of 22, the response of the circular tower, 


q 1 
i a 


However, at a reduced of 24, galloping. 
becomes significant for the square tower (8). Although the response — 


returns to be more normally distributed, the interdependence of the excitation 


and response processes associated with galloping excitation is evident in Fig. q 


z 3b. These changes in response characteristics can also be clearly seen in Fig. 

‘ 3 in the traces of cross-wind motions and the reduced variates corresponding ~ 
to a probability of upcrossing of 107°. | 107 
Normalized Cross-Wind Force Spectra.—Cross- -wind displacement s: spectra S, (n) 


_ were obtained by Fast Fourier Transformation of the recorded displacement — 


= Since the tower models were rigid, pivoted at the base, and _ a 
hoy 
to saoitudi 
> ° 


«FIG. 3 Probability ns and Traces of Cross-Wind Motions (not 
to scale) of Cross-Wind Displacement ens 
in Suburban Wind Model 


straight line deflection mode, the cross-wind force spectra 3 eset can be 
determined from the displacement spectra by assuming a linear relationship _ 


between the cross-wind excitation and response (7,15) so aye) ntenan 


‘in which m = modal mass of a mode shape b(z) 2) which is given by Pau 


| 
= 
| 
| 
» 
| 
| 
Lo 
f 
| 
2) 
| 


- in which m(z) = mass per unit height of the of the structure; me ure; and |) = mechan ical 


2 42 


: F a S,(n) is the eq adie cross-wind force spectrum acting at at the top of 
: 4 - the tower which represents the integrated effects of all the cross-wind forces © 


acting onthe entire structure. 4 


‘distributions of cross-wind forces can be readily assessed; and p = density | 
of air. The force spectra presented in Fig. 4 corresponds to a typical structural 
damping of 1% of critical. The shape of the force spectra of the towers are 7 


a - larger than that of ‘the circular tower. This stronger ‘excitation has been shown 


_ Similar, and both have a “Pronounced Peak at the critical reduced velocity. — 


- earlier in Figs. 1 and 2 to cause generally higher cross-wind response of the 
square tower. Although Saunders and the second writer (16) have shown that 
the cross-wind force spectra of modern rectangular-sectioned tall buildings 

- generally are insensitive to the level of motion of the building operating at 
= velocities up to about 10 when the cross-wind response of these buildings — a 
is predominantly wake excited, it is clearly evident in Fig. 4 that when the a 

towers were operating at close to the critical reduced velocity there is a 
considerable increase in excitation force due to the lock-in mechanism. The 

increase in response has already been shown in Figs. and 2. 

Eo interesting to note that there is a noticeable spectral peak associated with 


galloping excitation when the square tower is operating at a reduced velocity 

Previction of Cross-Wino DispLacement Response oF TALL Bunoics 


Generalized Design Approach.—A prediction procedure for the 


displacement response of tall buildings and structures is presented here. The 7 
response can be estimated by using a random excitation model and a sinusoidal — 
lock-in excitation model. Each model represents an important mechanism in a 
the cross-wind excitation and response processes. Wake excitation has been 
shown to be essentially random and can be described by a random excitation ~ 
model. The sinusoidal lock-i “in excitation model describes displacement 
‘The selection of the excitation model to be used in the process 
is determined by the critical cross-wind response amplitude (o, / Deri which = 


relocity b ph and the red ed frequency nh tha he fre ency 

| 


is the ‘normalized deviation cross-wind | response at 
top of a base e pivoted | rigid structure above which displacement dependent lock- in 


ibe (2,4). 


ar 
ii 


- excitation is significant. The cr critical re response enema depends « on on parameters i 
such as cross-sectional shape and turbulence intensity. For circular and square } 


by 
. 
| 


- tower models in a suburban wind model, the critical values were earlier found 2 


to be approximately 0.006 and 0.025 respectively. The critical response amplitude er 
; “necessary to achieve lock-i -in is expected to increase with an increase in wind 
turbulence. Indeed it was found (7) that when the 9:1:1 square tower model - es 
was tested in the highly turbulent city center wind model, there was no significant 
lock-in type response if the damping was more than 0.25% of critical. In design _ 
‘ considerations, when the predicted response computed by using the random — 
- excitation model exceeds the critical response amplitude, the sinusoidal lock-in 
excitation model should be employed thereafter in the prediction process to 
account for the significantly greater displacement response due to lock-in 
“y Random Excitation Model. —By ; assuming that the excitation is random, the _ 
_ cToss- wind displacement response of buildings and structures due to wake 
excitation can be computed by modal analysis (4,7,20). For an effectively rigid © 7 
structure pivoted at the base, such as the circular and square towers used in 


this study, the deflection mode shape is adequately represented by a straight | ~ 


tower 

9x1 orcular 

2- 9x1x1 square 

J- Bxix! square suburban 


eye 


(7). The variance of cross-wind response at the top of the structure can b 


saaarene by a process similar to that of Eq. 2, and is given by i ¢ 


& line (Eq. 5) so that there is a considerable simplification i in the prediction mz 


we excitation by low frequencies is small and the a damping is less 
‘than about 10% of critical so that the excitation bandwidth is large compared 
with the resonant bandwidth, Eq. 6 can be approximated (20) by 


and the standard deviation cross-wind response is pro al '/?. 
_ The normalized cross-wind force spectrum of a st eee by using 


N EXCITATION 
Eq. 2, at ata high value of structural damping at which — 


dependent lock-in nor galloping excitation is significant, may be used in <a 
prediction process. The normalized cross-wind force spectra of the ci circular 
Za and square | tower models tested are shown in Fig. 5. 5. Suitable force spectra, 
of a range of other structures « can be found in Saunders (15) and Saunders _ 
and the second writer (16). Either Eq. 6 or 7 may be used in the prediction _ 
process and the wake-excited cross-wind displacement response can be readily 2 a 
determined as functions of reduced velocity and structural damping. In general, 7 
this procedure is S adequate when wake excitation is the 


underestimated by this procedure, 
Sinusoidal Lock-In Excitation Model.—For tall buildings and structures, vn 
dependent | lock-in excitation becomes significant, ‘the cross- -wind 
associated with vortex shedding becomes well correlated, and the vortex 
shedding frequency is coupled with the structural natural frequency, i.e., n, 
=n. along the structure. The cross-wind force acting along the structure F,(z, t) 


(per unit length of | at any time be assumed to sinusoidal 
and to take the form 


in 1 which Cas the sinusoidal lock-in force cocfficient which is a measure 


of the cross-wind forces associated with lock-in excitation, it” 


‘The responses of a structure under sinusoidal excitation can be shown 4, 20) 


rigid strecture with a ction 
“mode shape (Eq. 5) in a turbulent boundary layer 1), the cross-wind 


f ‘The cross-wind response predicted by this sinusoidal lock-in excitation model — 
is proportional which may be be compared with by the random excitation 


has ea investigated by Hartlen pat Currie (5), Iwan and Blevins (6), Skop 
and Griffin (18), Blevins and Burton (3), Vickery (22), and others. However, 
a as a first approximation, it is assumed | assumed that the coefficient is ees a function 


| 
4 
q 
q 
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; §g the operating reduced velocity, i.e., when the cross-wind response ome..J 
_ the critical response amplitude, lock-in becomes significant, the excitation — 
a becomes sinusoidal, and the response is proportional to ger, . By using the random | 
- excitation model and the appropriate cross-wind force spectrum to compute 
the cross- wind response up to the critical _Tesponse amplitude at which there 
. a change in the dependence of the response from tr'?-t7", and by noting 
the operating reduced velocity and damping, values of the sinusoidal lock-in 
_ force coefficient can be estimated from Eq. 10. The values of these coefficients 
for the circular and square towers in a suburban wind model are presented — 
in Fig. 6. The coefficients are, as expected, at a maximum at the critical reduced 
Breve at which the structural r natural frequency coincides with the natural - 
_ vortex shedding frequency. Therefore, when the circular and squa square towers 
are aepper: at close to the critical reduced velocity, and the predicted cross-wind 


«FIG. ‘e —Sinusoidal Lock- In Force Coefficients of Circular and Square Towers 


~ response exceeds the critical response amplitude, ‘the: sinusoidal lock-in excitation _ 
model and the appropriate coefficient given in Fig. 6 should be used in the — 
prediction process in place of the random excitation model. MEI SS, Fees 
Predicted Cross-Wind Displacement Response of Circular and Square Towers.— — 
‘The predicted c cross-wind displacement response of the circular and square towers 
computed from the random excitation model, and the sinusoidal lock-in excitation 
model, are presented in Fig. 7. In general, the predicted response obtained © 
from the combined excitation models matches the experimental results more 
closely than would be achieved by using either model alone. However, at low | 

- values of structural damping, the sinusoidal lock-in excitation model becomes = 
“quite unsatisfactory. This discrepancy is is thought to be largely due to the nonlinear 
effect of lock-in. It should be noted, however, that the deficiency of the sinusoidal / 
Jock: -in excitation model is more apparent at very large response ee 


_ which in terms of design, far exceeds the acceptable level ¢ of response. Therefore, 


4 
| 
|. 
| 
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under these extreme operating | conditions, ‘the ehitete of response becomes 
purely aca academic. In practice, “the sinusoidal lock-in excitation model = 


gers acl) in aol 


16,903 Sr: is 


9.1:1 Square Tower Suburban = 


wer 
Predicted response Ser 


Sinusoidal lock-in excitation model a 


181.4 Pure Tower, Wind Model (a) Severe Tower, Centre “Wind Model 
A FIG. 7.—Predicted Cross-Wind Responses of Circular and Square Towers Using 
be acceptable as an assessment which provides useful information of the « deter 
_ of magnitude of cross-wind response that a structure is likely to attain if lock-i 


close to the critical reduced velocity and at of 


| 
: SS 


‘significant for both square towers in a suburban 


layer flow. This excitation resulted i in large increases in cross-wind displacement 


flow, ‘the square tower did not exhibit any lock-4 -in type response if the « damping 
wes more than 0.25% of critical. When lock-in becomes significant, the increase 
response is proportional to ¢;' or higher, rather than as in the case 
_ of wake excitation. The increase in cross-wind response associated with a decrease 
in structural damping causes a significant interdependence between n the cross-wind i; 

_ excitation and response process. This results in an increase in cross-wind 
_ excitation forces, which is clearly identified as a a peak i in the cross-wind force 
oe, The change in response characteristics was also readily identified by 

: the variations from that of a normally distributed process in the results of — 

_ A prediction procedure, which consists of a random excitation ante and 
a sinusoidal lock-in excitation ‘model, was proposed. The selection of the excitation = 
_ model to be used in the prediction process is determined by a critical cross-wind — a 
_ displacement response amplitude which is the standard deviation cross-wind 
response at the top of a structure above which lock-in is significant. Ina suburban 
turbulent boundary layer flow, this was found to be approximately 0.006 of = 
the diameter and 0.025 of the breadth for the circular and square towers — 
"respectively. Cross-wind by these models compared well 
the measured 
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The following symbols are used in this paper: 


height of structure; 
modal mass of structure; © 
= mass distribution; 
S(n) spectral density function; 
ig... 
= mean longitudinal wind on 
cross-wind displacement; } 
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ower law exponent; 


at! 
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crit = critical; 

| = cross-wind force; 

| = vortex shedding or structural 

| longitudinal wind velocity; an 
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 Careat standards is by which | wood structures are designed i in the United States Ss 
an working stress design principles (27,35). Numerous recent studies have 
been directed toward placing wood engineering on a limit states design basis, . 
in which factors of safety will be derived probabilistically (3,18,28,29,34,36,41). 
_ When used with load factors common to all construction materials, this would | 
lead to simplifications ‘in design. This Paper describes the basic ‘statistical 


design and fi or de developing * probability. based limit states design criteria. Reliability / 
calculations are illustrated for gravity loads. A number of problem areas are 
examined where additional paler to imple 


‘The a allowable stresses used ‘for ¢ design o of wood structures s traditionally have 
ie determined on the basis of the strengths of small, clear specimens a } 
representing various species. The 5% exclusion value of clear-specimen strength | 
is modified to account for defects, load duration, “moisture content, and other 
factors. . The grade « of lumber. depends on the size and location of knots, ‘splits, 
= growth characteristics (22). Practically all stress-graded lumber in the United 
E States is visually graded (40). Allowable stresses are given in terms of an assumed 
10-yr load duration; most codes and standards permit an adjustment for certain — 
4 loads in which different durations are assumed. Increases of 15% commonly © 


are allowed for snow load, 33% for wind and earthquake, and 100% for impact | 


iy Until a few years ago, when problems in “extrapolating ‘small s specimen test 
— results to structural members became better appreciated, the emphasis in data — ; 
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gathering on defining : statistics s of clear-wood strength for different species 
(38). It is now recognized (16,19,20) that small clear-specimen data are often ' 
inadequate for predicting strength properties for structual lumber and that present _ 
_- Grading procedures may not produce lumber in which wf allowable stress is 
strength. Thus, the 


7 "recent emphasis has been on n testing structural members. 


VAAL 


Dam Anatysis—GeneraL Onsenvarions 
_ Most timber structures in the United | States are of light-frame construction _ 
and utilize dimension lumber. ‘Test data on the in- grade strength of dimension 7 
lumber of certain species are available in the literature, and more data are : 
/ continually becoming available. However, the light-frame structure is not really 
| ‘ designed in the same sense that a steel or reinforced concrete structure is designed. 4 
® Standard wall and floor systems generally do not rely on single-member design, 
and the analysis © of individual framing members i is precluded by the use of 
multiple framing, and the interaction between framing and sheathing. Moreover, 
_ supposedly nonstructural items contribute significantly to performance. Thus, 
Statistics on the strength of individual pieces of dimension lumber may not 
: _ always be a relevant basis for reliability analysis. _ However, it seems unwise : 


study and the results of a literature. search | are summarized in later ‘section. 
These data should be useful in studies of the reliability of structural assemblages | 
‘in which data on dimension lumber, sheathing, and fasteners are incorporated : 
‘into component models to simulate wall, floor, and truss performance (5,32). | a 
‘The analysis of reliability of structural components that utilize dimension 
lumber repetitively, such as shear walls, roof trusses, stressed-skin panels, and 
_ floor diaphragms, would have more meaning. However, the only test data suitable 4 
in present form for reliability analyses are for floor systems with uniform and 
Brace ga loads (31) and floor diaphragms (37). In other cases, such as racking | 
of walls and compression plus bending in walls, there are not sufficient data 
Zz estimates of coefficients of variation or probability distributions to be made. 
_ Most of these data j appear to o have been developed with the intent of improving 
a design "procedure or of marketing a new product and there simply is not 
_ enough replication for the necessary statistical information to be extracted from - 


systems in terms of the properties of their components are beginning to be 
developed (5,28,32); they would enable the strength of of ‘structual components 
be predicted by Monte Carlo simulation. 7 
Much of heavy-timber construction is glued- -laminated (glulam) (40). Glulam 7 


mn test results. Analytical models to describe the performance of walls or floor = 


other heavy-timber structures are of particular interest in reliability-based 
_ design work because they are engineered in a similar manner as steel and concrete — 
—— and may compete directly with steel and reinforced concrete as alternate 
structural systems. Moreover, the multiple interactions found in light-frame ; 
‘construction do not dominate performance. Thus, comparative reliability ame 
mates for the different construction materials have some relevance. 
_ The following sections summarize the strength data available for glulam : 
members and dimension lumber. Differences in species, specimens, and testing 
procesures discourage the indiscriminate pooling of data and statistics are all 


| 
q 
This extensive amount Of On Gimension Der in 4 
| | 


presented for individual “The - all based on 
- standard 5-min load test. Size and load duration effects and their incorporation 
in reliability analysis are considered in a later section. 26, 

Most available data for glulam members are for simply-supported beams tested _ 
‘in flexure. Since many glulam beams in practice are designed to be simple : 
_ supported, statistics obtained from laboratory testing of full-scale beams (with — 
‘Siete adjustment for load duration) should provide an excellent indication | 

of behavior in a structure. The ultimate limit state for glulam beams is characterized 

by the modulus of rupture (MOR), F,. The load- deflection curve is erste 

linear and the failure mode is brittle. 

7 _ Acomprehensive testing program m conducted by the Forest Products simenidita 


7 (FPL) (23,24,25,26) on beams with Douglas Fir and Southern Pine laminating 
_ stock is the primary current source of data on the behavior of glulam beams. 
Test results are onpenatinsd in Table l(a) in terms of the ratio of mean to 
the nominal MOR, F./F,,, and coefficient of variation (cov) V, . Nominal 
design stresses, AR for glulam | beams, commonly refer to a uniformly- loaded 
beam with a depth of 12 in. (305 mm), and a span-to- -depth 1 ratio of 21:1, and | 
all FPL data in Table 1(a) are presented on this basis. It should be noted 
that the tension lamination stock used in the fabrication of these beams often 
“was of minimum quality, because most of the test programs were aimed at 
better utilizing laminating stock. The tests were conducted to show that desired — 
stress ratings could still be achieved with a maximum allowable defect placed = 
in the highest stressed region of the test beam. | Some of the data in Ref. 26 
do not correspond to any particular stress grade; in such cases, the allowable 
: bending stress which most closely corresponded to the grade and arrangements 
of laminations was selected for computing F,/F,,. Therefore, these data have © 
- inherent bias, i.e., the average strength of beams in service in which the endecions 
7 were selected randomly from a particular ‘grade stock would be somewhat higher — 
q than indicated by the FPL tests. Unfortunately, the effect of these factors — 
the statistics of the MOR cannot be ascertained. 
3 Several sets of data reported in Ref. 26 [summarized in Table 1(a)] were 
_ analyzed in this study using a maximum probability plot correlation method 
to. determine a s a suitable cit yd distribution | function for the MOR. big ‘normal = 


candidates. sample “of 15 beams was considered separately, the 
normal distribution was best (as measured by the probability plot correlation 
ie coefficient) for series F and G; the lognormal for A, D, E, H; and the Weibull — 
— for B and C. It should also be noted that the lognormal was worst in three 
cases (B, G6), and the Weibull was worst in four (D, E, F, H). However, 
when the Douglas Fir series A, B, and C were pooled (45 beams) by normalizing . 
the data to a 12-in. (305-mm) depth and 21:1 span/depth ratio, the Weibull 
distribution offered the best fit. Data for series A, B, and C are plotted on J 
Weibull probability paper in Fig. _ 1; the linearity of the plotted data indicates 
that, at least for ‘this sample, Weibull distribution fits the beam 


_ Additional data from other research programs are also summarized in Table 
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Larrea | ending: wi Strength Statistics 


Hem Fir 
Douglas Fir 


Douglas Fir /Lodgepole Pine L3 
7 Douglas Fir / Lodgepole Pine L2 
Douglas Fir/Lodgepole Pine L1 the 252 


j ‘Souther Pine 2.48 


Reference 23 5 Southern Pine 3.50 0.09 
ah Douglas 2.67 . 


Reference 15 | Douglas Fir 280 
Referencel2 | Hem Fir ad? to bs 248 
Reference 34 Douglas Fir 

Southern Pine 
Southern Pine 
Hem Fir 
‘Douglas Fir/Hem Fi 4 


Lodgepole Pine — 


Douglas Fir,L3 
Fir, i 
‘ Douglas Fir, L3 
Douglas Fir, 


Douglas Fir, L3 | a 
Douglas Fir, L3 J be 2. 


4 

Southern Pine Number 3 rit 
Southern Pine Number 2 ) 


34, an an expanded sample | was created by taking several smaller sets of data 2 
: on beams of different sizes and and normalizing all test data on the basis of beam > 


-1(a). In Ref. 15, all FPL data were pooled for beams which had a stress rating > 
nean and cov. In Ref. — 
at 
waa 
edMembers 
6 
| 
0.14 
| O12 
0.17 
— 
| 
GlulamMembersinTension 
Refi 30 = 180 (2.45, 0.23 
0.15 
Ghulam Members in Compression 
| 


Analysis of data showed that the ‘Weibull distribution | 
a somewhat better fit to the data than the lognormal distribution. Note that 
F,/F,, in Ref. 34 is very similar to the FPL data summarized in Ref. 26, 
4 indicating that a correction for bias in the FPL data may not be necessary. 
Test results in Ref. 14 are presented in the form of an average MOR and 
_ minimum MOR for each group of six beams; the cov in the MOR is estimated 
— about 0.15-0.16 for all tests. The data summarized in Table I(a), 
showing the ratios of the mean MOR to allowable stress, tend to confirm the 
. values reported in the FPL test series. As with the latter tests, the tension - 
laminations were selected from low- line stock. Interestingly, there appears 
be no © correlation between F./F,, and F, ot 


tod 3303 


pine. 


> 


DOUGLAS FIR GLULAM BEAMS 


FIG. 1 —Weibull Probability | Plot for MOR i in Douglas F Fir ibe 


Data for strength of sales members i in tension and compression is presented | 
in Tables 1(b) and l(c). Relatively speaking, the cov in tensile rg tends J 


Csi grade dimension lumber ‘strength | properties of interest include the MOR, | 
modulus of eae (MOE), and tension and compression strength parallel 


iy 


to the grain. Because of ow variety ant grades, no attempt to lump 
the data from different sources will be made. Testing in-grade shows the a 
_ dependence of strength on grading procedure and grade, species, geographical — 


location, moisture content, and other factors that of lumber 


on Southern Pine (8,9). The lumber was visually graded and moisture content — 
at the time of the test was about 12%. Some of the data for flexure are summarized 
in Table 2(a). The MOR and MOE both increase for higher | grades. There © ; 
isa reduction in the MOR with increasing depth of beam. Statistical tests of — 
_ the variances in the MOR for these samples from different grades of lumber 
showed no difference at the 5% significance level. Since the mean bending 
_— Strengths clearly decrease for lower grades, it follows that the cov, V,, also 
increases correspondingly. A portion of the data for and tension 


‘tensile : strength for larger lumber | sizes but no size re effect in in : compression. a 
_ Additional data in Ref. 8 describe the Gnentioast variability of Southern © 
"Pine dimension lumber. For a thickness ¢, = 1-5/8 in. (41 mm), 7 = 1. el 
in. (41 mm) and ‘the cov = 0.01; for widths between 4 in.-10 in. (102 mm-254 = 
mm), W w =w,- 0. .03 in. (0.76 mm) and the cov = = 0.007. These variabilities — 
are too small to have much effect on the variability i in eed resistance. 
Similar magnitudes have been reported in Ref. 9. 
_ Asecond large testing program on western species of lumber has been recently © 
completed by the Western Forest Products Laboratory (WFPL) of Ceneda 
(16, 17,21). Specimens were sampled randomly in-grade from the Hem Fir, Douglas 
Fir-Larch, and Spruce-Pine-Fir groups. The visual grading procedure and market- 
ing designation are essentially the same in Canada as in the United States. 
_All members were tested at moisture content of from 10%-12%. Some of the 
test results for flexure are presented in Table 2(a). The pieces were placed — 
randomly with respect to their poorest edge during the test. A study of failure : 
characteristics showed ‘that knots were the dominant grade factors affecting . 
}. the MOR. The MOR appeared to be best fit by 2 a Weibull distribution, with 
“tft lognormal being somewhat less satisfactory. There was an apparent size 7 
effect in bending, with the MOR decreasing with size. Compressive and oa 7 
oo properties are presented in Tables 2(b) and 2(c). The tensile strength 
. appeared to decrease with size, » especially it in n the higher grades. of each species. a 


‘ strength palewedor-y to be fitted best by « a Weibull distribution, while the Weibull | 
and lognormal distributions appeared to fit the tensile data equally well. Knots — 
_ were the predominant grade factors affecting tensile strength. The cov in tensile _ 
and flexural strengths are of the same order of magnitude, while the cov in 
compressive strength is about half that for flexure. 
- Madsen (19,20) has also performed numerous tests to determine the effect | 
of moisture content, grading procedure, and load duration on in-grade strength 
of dimension lumber. Means and the cov estimated visually from probability 
plots in Refs. 19 and 20 are similar to values in Table 2(a). The probability 
_ plots appeared to be fit best by a Weibull distribution. eee I, 
other studies tend confirm results of the aforementioned 


One of the largest studies on dimension lumber in grade was a test program . 
4 
4 
| 
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TABLE 2. of Lumber 


ence 8 | Southern Pine 
| Southern Pine 


-|Southern Pine 


Southern Pine 

Douglas Fir-Larch 
7 ence Douglas Fir-Larch 

16 Douglas Fir-Larch 
Douglas Fir-Larch 
Hem Fir 


| Hem Fir the 


Refer- |Southern Pine 
ence 8 Southern Pine 


be Southern Pine 

Southern Pine 
Southern 
Refers |HemFir 
17 Hem Fir 
Hem Fir 
as Douglas Fir- Larch 
Sar Douglas Fir-Larch 
Douglas Fir-Larch 
| Douglas Fir-Larch 


16 Qecreact 


a Refer- Southern Pine 
a: ence 9 | Southern Pine vol 
Southern Pine 
Southern Pine 
Southern Pine ; 
Western Hem 
Western Hem 
Amabilis Fir 
Amabilis Fir 


Lodgepole Pine 


Select 

Number 1 
Number 
Number 


Number 2. 


Number 2 u 
Number 2 sa 


Number2KD 
Number 2 KD 
Number 2 KD 
Number | KD 
Number | KD 
Number | 


Number! KD 
Number2KD 50 
Number 3 MG-KD 
Number 2 KD I 

Number 2 KD vi 


_Numbe 


“Variabiltes i in strength t tended to be macros equivalent to ‘those in co 


4 


_ a Moreover, despite differences in growing conditions, mrive 
on - findings in an_extensive research program in the United Kingdom (6,7) are — 

Source Species ze ber | Mean | cov | co 
2x4] 2KD 100 | 6,510 0.32] 1.51} 0.19 
2x6] 2KD 99 | 6,170 | 0.30] 1.59 | 0.18 
2x8 | 2 95 | 6,020 | 0.36| 1.59| 0.20 
2x10} 2KD | 5,730 | 0.38 | 1.67 | 018 
2x4] 1KD 100 | 9,020 | 0.24} 1.79 | 0.23 
2x8] 1KD 99 | 8,820 | 0.24 | 1.89 | 
2 x 10 60 | 6,618 | 0.40 | 2.12 | 0.16 | 
_ 2x 10] $4 | 2,942 | 0.62 | 1.27 | 0.23 
2x 10] 60 | 3,921 1.51 | 
2x 10 58 | 4,442 0.41 | 1.56 | 

2x6 | 6,690 10.38] 1.60) 019 
2x 10 60 | 3,848 | 0.42 | 1.37 | 

2x4 100 | 4,730] 0.19] 1.56] 022 
2x6 4,730 163/02 
2x8 48 | 4,520] 0.21] 1.56] 0.22 
2x4 100 | 5,430 0.15 | 1.84] 017 
2x8 50 | 5,540 | 0.18 | 1.93 0.20 
2 x 6 | 4,968 | 0.19 | 1.81 
2x 6 4,149} 0.18) 1.64) 016 8 
2x6 | Number2 30 | 4,430 10.28) 1.72) 0.21 
2x6 | Number3 | 4,156 0.31} 1.64 | 0.21 
2x4] Select §§ | 30/4646 164] 018 
2x4] Select 30 | 4,033} 013] 1.42] O18 
2x4] Number2 | 30 | 3,769/0.24] 129/020 
2x4 Number3 30 |: 3,325 | 0.35] 1.31] 0.24 
Tension Parallel to Grain (Tensile Strength) 
2x 8 | 5,036 }0.31| 1.94] 0.18 
2x8 2,850 | 0.42 | 1.60 | 0.20, 
2x8 | 2,573 | 0.70 | 1.57 024 
2x4 3,647 | 0.44] 1.72] 0.22 f 
3,450} 0.32] 169/017 ff 
2x8 4,746 | 0.44 | 1.87 | 
| 2x8 2,821 | 0.42] 158] 018 
2x8 4,627 | 0.44 | 1.81 0.19 
2x8 | 3,855 | 0.54] 1.68 023 
2x81] Select || 62 165} 015 
| 


North American species. Bending te tests s of Swedish and Finnish adiaait and 


distribution for the MOR; the cov in the MOR 7 from 24%-31%, ‘and 
in the MOE from 18%- -23% (7). ‘Tests conducted in in tension _ Showed a range — 

J in the cov of 0.31-0.43 for mixed | species (8). Compression tests (6) conducted 
Me on mixed grades of Polish redwood indicated a cov of 0.15 without considering — ‘ 
_ grade. As with North American species, the variability for tension tended to 
_ be equal to or somewhat higher than for flexure and compression strength and 

had about half the variability as flexural omy ud The dependence of the MOR 


we depend on size (Ref. 6, Table 1), but compression tests were inconclusive 


_ The correlation between strength and stiffness observed in much of ‘the 
aforementioned data may have a significant influence on member ay 


> specified minimum value. However, if a pa a grading option is selected | 
in which the MOE is within a small percentage of the specified value of E 
for each grade, then an additional benefit can be to reduce the variability in 
- Strength v within grade. For example, with a correlation coefficient between F, z 
and E, which typically is ; about 0.6-0.8 (7,8), a reduction of 20%-40% in the 

standard deviation of F, might be expected, with a corresponding reduction 


The strength of wood ‘members is known to be affected 
= of loading and the duration of the load. A summary of world literature 
on effects of load rate and duration has recently been published (13) ah 
traces the developments which led to the curve presently used to relate the 
; strengths of wood to a 10-yr or normal, , load duration. This curve has been 
used in the National Design Specification | (NDS) (27) since 1952, and is the 
a basis for the increases in allowable stresses permitted by most codes and standards 
in the United States. The ‘mean Strength level, as a cues the strength 
This is the “‘Madison one,” in which time D seconds), uploading 
and sustained load times. Although Eq. | is based on small, clear-specimen - 
: - tests, it is also used i in the United States in computing design stresses for dimension — 
lumber, glulam, and heavy-timber construction. When uploading and sustained 
load periods are the mean reduction is described (13) 


| 
4 
4 
advantage of the positive correlation between the MOE and an 
| 

In Eq. 2, D (in hours), does not_include the uploading time. The standard 
4 deviation in the data upon whict based is approx 5%. When J 


and 


_ lumber with imperfections. In other words, duration effects may be a = 
to the strength percentile. Weak material did not show a significant drop in 
strength as a function of time. Results from testing more than 4,000 pieces _ 
of commercial dimension lumber with regard to duration of load show results 

deviate greatly from Eq. 1 
Failure of wood under sustained load appears to be a creep rupture phenomenon. . ? 
An analytical model has recently been developed (1) to predict the dependence 

a . wood strength on load history. The model predicts a dependence on load 

— similar t to 0 Eq. l for clear ‘Specimens, and shows considerable le promise. 3 


it is ; reasonable. to expect that the load duration ‘effect for glulam members 
7 would be similar to Eq. | because the laminating stock tends to be of higher — 
quality than dimension lumber. The real difficulty with any load duration 7 
relationship is that if failure is a creep rupture phenomenon, then the entire 7 
load history | must be known as a function of time to predict failure. In general, 
_ each load is a random process. The total load needed to ) predict time to failure . 
g obtained from the combination of the individual load processes. Probabilistic id 
descriptions of the frequency at which various stress levels are exceeded and > 
_ the time spent above these levels for the combined load process would be | 
needed to predict time to failure. In such an approach, the duration of any a 
Single | load is of of secondary importance. However, in the immediate future i 
4 will be mecessary | to treat the reliability of wood members as a problem in 
random: variables rather than random processes s because of our limited knowledge > 
a of the load processes. To do this, it is convenient to specify “equivalent” i 
load durations in order to treat the effect of duration on strength using a relation 4 ; 
such as Eq. instead of more complex random | Process analysis. 


_ Most data show a definite size effect for flexure, with the wae ale 


to decrease with member size. This size effect has been studied using Statistical 


is independent of teal width and if it. is assumed that the span- -to- depth ratio 
is constant, then on the basis of clear Douglas Fir beams, the ratio of bending 
yo 


strengths F, and F, F, for two beams of f depths d, and d, is (2) 
-(4 


=< The NDS (27) uses Eq. 3 to reduce stresses in all beams with depths in excess _ 


of 12 in. (305 mm), regardless of span-to-depth ratios and beam widths. The — 
exponent ir in Eq. 3 is related tc to » the cov in the MOR through the weakest link 
hypothesis Q). It It might | bee: or glulam — 


| 
Pts the period at sustained | 
2 lead to about the same . 
: i Recent research (20) str 
material does in fz 
| 
ant on the volume he member an ing he {OR 
4 
| q 


we obtain, in analogy to Eq. 3 


Assuming that the link hypothesis described in Ref. 2 is valid 


for glulam beams, ‘the change in exponent from 1/9 in Eq. 3 to 1/5.3 in Eq. i S 
4 implies that the cov in the MOR for glulam members is about 1.5 — ; 
that for clear specimens. Interestingly, this is approximately the same ratio 


small, clear specimens and structural timber. . The scatt scatter about 


“The reliability analyses in this section are fo or of 
and should be qualified by the analysis of size and load duration effects. Similar, *- 
os improved, analyses could be performed in other situations when sufficient 


data on strength and load duration become available. | 


The “es analysis method is described i in Ref. | 1. To summarize, a function 


va describes structural 
is defined so that failure | ‘occurs when ) < 0. The reliability is 


a 


measured through a reliability index 8, defined as B = 2,/o zg,» in which g,, 
o, = mean and standard deviation of g, and in which g, isalinear approximation _ 4 
a a g( ) at a point on the boundary g( ) = 0 between the safe and unsafe regions. i 
F-. linearizing point is selected so as to minimize B, using an iterative scheme. ae 
Panther details on. calculating B, an approximate procedure for incorporating 
(aflame on the probability distributions, and a comprehensive analysis of =— 
Be ia loads may be found in Refs. 10 and 11. In the following, reliability ee 
indices are load combinations dead, occupancy live, 


in which F, S, _= the basic 5- “min strength described in Table A; SL = 
duration parameter; and S,= 


_ Data in Table | show that most values of F, fall between 2.5F,, and 2.9F,,, 
+. an average value of 2.72 wi and F,, , being determined according to Ref. P 
4 A representative V,_ is 0.14. Statistical variations in the section modulus, 

-» are inconsequential and may be ignored. The size adjustment factor in Eq. 


for o between what is required standard (Eq. 


and dimension lumber beams. Indeed, data in Ref. 34 present a relation 
bending strength and volume of F, = for glulam beams. Assuming, 
- 
4 
| Basic resistance variable Tor is defined Dy 
+ 
a 
stical 
? 
| 


=) and one is indicated by the date (Eq. 4). For this example, , it will be taken = 
as 0.98, Teflecting- the fact that ‘Most glulam beams in service are somewhat 
_ larger _ thi than those used in the test series, and V _ = 0.08. The mean strength _ 
level SZ at _“equivalent’” load duration and V <= 0.05/SL depend on the 
# transient load in the combination (live, snow). The reliability calculations will — 
be performed over a range of R/R,, to show the sensitivity of B to this parameter, 
since among members of the same stress grade and species, some variation 
Ee < Live Load. —The | maximum live load L, during a reference period of 50 yr, 
occurs due to the superposition of an extraordinary load of short duration upon A 
the sustained load. For the lighter occupancies, the extraordinary load is a _ 
Substantial percentage of the maximum live load. The Guration of this load 


- distribution of L is Extreme Value Type i, with L/L, = 1 0 and V, = 0.25 
_ (10); the variable L,, is the nominal live load in Ref. 4. Strength levels catedinead 
E from Eqs. | and 2 for a range of cumulative extraordinary live load durations 
of 7 days-60 days shows that SL is relatively insensitive to duration; thus 
a a value ‘SL = 0.74 is assumed, and Vs. = 0.07 at this value of SL. Best _ 
estimates of the mean and cov of R used in the _ reliability analysis for live 
load are thus (existing standards allow no increase in resistance R, for live - 


R (2.72 F,S,)0. 74y(0.98) . 


Ve [(0.14)? + (0.07)? + 
The probability « distribution for R is very y close to Weibull because of the relative 
_ Snow Load. —The probability distribution of the maximum snow load to ome. 
during a 50-yr reference period is Value ‘Type ‘A, with 5/S, = = 0. 82. 
and V, = = 0.26 (10). The variable S, = the 50-yr mean recurrence ‘interval — 
- value in Ref. 4. The strength level for ‘cumulative durations of load of from 
_ 2 months-6 months appears insensitive to the exact duration and is assumed — 
to be SL = 0.70; the variable V,, = 0.07. Current standards allow a 15% 
‘increase i in allowable stress; thus R/R,, = 1.62 and V, = 0.18, as before ree 
re pid Load Only. —The probability distribution for ‘dead load is normal with 
~—=D/D, = 1.05 and V, = 0.10 (10). For permanent loads, Eq. 1 yields SL = 
0.59 ail V;, = 0.08. Current standards require a 10% decrease in allowable — 
stress and thus R/R,, = 1.75 and V, = 0. Wiew Moly, 
: Calculated values of B for beams loaded with the D + Ss and D+L load 4 


small, B is to the assumed distribution for R. “When dead load 
acts alone, 8 = 2.45 if the distribution for R is lognormal, and B = 1.91 if 
the distribution for R is Weibull. Since V, is small, the characteristics of R— 
ae the reliability analysis. For more realistic values of L,/D,and S$ n/ a 
however, in the range of 2-4, this sensitivity | is much less pronounced. The o. 


~ Calculated ted reliability indices, B, for current steel and reinforced ‘concrete 
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™. 2. -—Reliability Index for Glulam Beams: Dead + Snow Loads 
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FIG. 3.—Reliability Index for Glulam Beams: Dead + Live Loads — 2 
: sini subjected to dead, live, and snow loads fall in the range 2. 15- 3.25 (10). 
. Subject to the limitations imposed by the quality of the test data, calculated 
reliabilities for current glulam beams are of similar magnitudes for live loads; — 
however for dead loads and for snow loads they are somewhat less. This difference 
may be due, in part, to the assumed load duration 
has shown that reliability analysis of wood 
is conceptually feasible. However, there are several areas where additional . 


research appears desirable prior to implementing probability-based limit states 
design criteria for wood structures. In particular, the problem regarding the 

effect of load duration on strength must be resolved. Additional data on the _ 
effect of member size on strength in flexure, tension, and compression would 
_ be desirable. The present relation is based on clear specimens and is used 
only for flexure. Much of the test data on glulam beams used in this study 

_ Tepresented beams of minimum quality, and additional | replicate t tests of structural 
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4 of grading in reliability-based design goes beyond the protection of the 5 percentile 


Zz on reliability needs to be established more firmly since the purpose and effect 3 
Aside fi rom significant problems with the available data, an appropriate format 


duration, size, grading, etc., in a suitable manner. The experiences of other 
material specification groups that are moving toward limit states design may 
be helpful in this. Tegard. Although there are a number of issues remaining ee 
to be resolved, there appears to be enough information available that specification . 
groups can begin considering how to implement lim limit states coin for wood 
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The following a are used in this paper: 


ROBUST 
=D, L, , = dead, maximum live, and maximum snow load; 

= nominal design stress; ‘differee:: 
strength level, expressed as a percentage o! of 5- test strength; 
nave : = size adjustment parameter; 

= nominal design value of variable x, specified by by a 


ofae V, = mean and cov of variable X; and 
compared wih teams, 

weer analyzed (rm tng 

got pany tows Gor failing inthe 
range where: the due the welding Trocess may 
racking streagih ws wtih dhe residual 

for each group af wee different Vengths, are 
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The theoretical oft on inelastic lateral buckling of beams | CS. 10) 
have indicated that the residual stresses present in welded beams which are 
significantly different to those in rolled beams have a considerably different 
; influence on inelastic buckling strength. It has been a very important question 
concerning the behavior and design of inelastic beams that welded beams indeed ~~ 
have a lower lateral buckling strength than rolled beams (1). st Rd aid 
_ Refs. 3 and 4 contain a summary of the surveyed results on the lateral buckling 7 
_ tests that had been conducted at various institutions. A statistical comparison si 7 
a the lateral buckling strength between rolled and welded beams indicates that 
, 3 the welded beams give lower mean values and | larger coefficient of variation 
as compared with the rolled beams. 
a In a previous paper (5), the bending strength | of ‘rolled wide- -flange beams 
subjected to a concentrated load applied to the midspan has been examined 


he geometrical and material imperfections was measured and the influences 
of the various parameters on the scattered test points o of the lateral buckling © 


for 75 specimens with the nominally-identical cross section. The variation of 
analyzed from the statistical views. an, 


Unfortunately, not many tests (6) exist for welded beams failing in the inelastic 


range where the residual stress due to the welding process may reduce the a 
_ buckling strength differently as compared with the rolled residual stresses. 
This paper presents an experimental investigation of laterally- unsupported — 
_ welded beams from the Statistical consideration. Thirty-four, nominally-identical 
Sone beams for each group « of two different lengths, are tested under a 
load applied vertically at the midspan of the compression flange. 
L 3 The loading and supporting conditions are the same for the rolled beams of — ro 
'Prof., Dept. of Civ. Engrg., Nagoya Univ., Chikusa-ku, Nagoya, Japan. - 
= 4 Research Asst., _ Dept. of Civ. Engrg., Nagoya Univ., Chikusa-ku, Nagoya, Japan. oe 
Note. —Discussion open until June 1, 1981. To extend the closing date one month, t 
_ a written request must be filed with the Manager of Technical and Professional Publications, 
ASCE. Manuscript was submitted for review for possible publication on May 27, 1980. 
This paper is part of the Journal of the Structural | Division, Proceedings of the American 
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Ref. 5. In order to be able | to compare re directly the buckling behavior of a g 
and rolled beams (5), rather geometrically similar sections are used in the test 
series; the influences of the v Variations of the various parameters on the scattered 


The 


obtained test results are : also compared with the obtained test data in a Ref. a 


a ‘Spectanen and Testing. —Thirty-four 5.02-m long 


identical cross sections of welded 1-250 x 100 x 6 x 8 mm i —_ 


nent 
= FIG. —Allotment of Test Specimens (1 ft = 0 305 


- 2 telly 
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| | 
2.—Detailed End Fixtures (1 ft = 


TABLE 1.—Nominal Sectional Properties enoques 
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ote: A = 30.76 cm’; J, = 3,079 em‘; 1, = 134 cm’; Ss cm*; J. = 19,521 
;M, = 66.85 kNm; 1.153; andr, 2.087 cm. 
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two different of 1.8m (D series) ar 2.6 m (E series), 
§ and a short beam for residual stress measurement, have been cut out. And ~ 
tensile coupons were cut out from each plate before fabrication. Beams are 
_ restrained at both ends against torsion but not warping (5). As shown in Fig. 

. a test beam rests on the bed which swings about the horizontal axis (x—x- axis) 

through | four self-alining roller bearings (point 1, in Fig. 2), and the arms with _ 
knife-edge guides hold the beam web from both sides, which provides the ’ 
P torsionally simply-supported. The whole fixture rotates freely about the vertical 
(y-y-axis) through thrust ball bearings (potat 2, in Fig. 2), which transmit 
the end reaction, and sealed bearings (point 3, in Fig. 2), and moves in the © 
longitudinal direction through slide needle bearings (point 4, in | Fig. 2) . The 
welded built-up sections are made from flame- cut plates. Single-1 -run weld by 


manual with weld size 6 mm is used. 
The nominal cross-sectional properties and beam parameters are 
Table 1, in which the fillet welds are included for calculation. CaS 
Tensile Coupon Test.— —Four tensile coupons, i.e., , two from flange plates and 7 
two from web plates, are cut out from each of the 34 members, making 136 
Residual Stress Measurement. —Longitudinal residual stresses are 
by the sectioning method. The optimum mesh sizes of sectioning are shown | 
in Fig. 3, where the mesh sizes have to be even smaller than those for the * 


“Initial Imperfections. - —Initial measurement of the crookedness of 68 


are taken at the equally-divided five points about the major and minor axes 


and i in angle of rotation. 

— 

Resutts For IMPERFECTIONS 

ae Tensile Coupon Test Results.— —Figs. and 4b), respectively, show the 
mechanical properties of static yield stress a, and modulus of elasticity, E, 

_ in histograms, in which N = number of coupons. The value of M and M .. 
2S are also shown by the arrows in the abscissa. Curves fitted to the histograms © 
"indicate the corresponding Gaussian distribution curves. The shaded histograms 

- for flange (= - 8 mm) and the plain ones for web (a 6 mm). The yield 


4 


A 213 


FIG. 4.—Histogram (Tension Test): (a) Yield Stress; and (b) Modulus of Elasticity : 
= 4.45 N; = 0.305 m) 
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FIG. 6.—Residual Stress Distribution Ibf = 4.45 N;1 = 0.305 
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‘stress in “flange and in 1 web having | two peaks i in 
the histograms. Mean values of o, are greater by 24.5% in flange, and 43.5% _ 
in web, than the minimum specified value of o, = 235 MN/m’ of soll 
mild steel. On the contrary, there are no such separated distributions in flange 
and web for E — as shown in Fig. 46), given M M 


th 


FIG. 7.—Variations of Residual Stress Patterns (1 Ibf 45 1 ft: = 0.305 


Initial Crookedness.—Figs. 5(a), 5(b), and S(c), respectively, show the nondi- 
‘mensionalized initial crookedness at the midspan of the 68 beams about -_ 
major and minor axes and angle of rotation [b, = 4,(h//) x 10° in which 
, = the initial angle of rotation in radian; and h = the beam height}. Mean | 


values of fy /li in the major and minor axes are are 0. 125 (0.08. 084) lo” and 0.296 


| 
ae @er eo pe 
— 
| 


( 0.08) x 10°°, and the values of the coefficient of variation are 1.808 (1.84) _ 


( fficient of 
_ and 0.922 (0.66), respectively; the value in the parenthesis ot ll the rolled 
beams (5). The mean value of o, is 0.504 (0.138) x 10°°. The goodness-of- fit 
Significant tests by x’? and Kolmogorov-Smirnov methods indicate that the 
_ frequency distributions of the measured values are close fit to the 1¢ Weibull 
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FIG. 9.—Cross- Sectional ft = 0.305 m) 


tips. The residual stress patterns in the present welded beam- -type ‘sections ie 
somewhat different in the flange, as compared to the patterns for the column- me 
sections (7,8). The measured residual stress distributions of 25 rolled beams 
(5) are also shown for comparison in Fig. 

_ The modified residual stresses c,, may be defined to represent the average 
_ compression residual stress nondimensionalized by the actual o, in the « compres- 


stress distributions 
a — for 34 members, and a summary of the measured results is shown in Fig. 7 i 
= M and M + S at the measured gage points. The large magnitudes of the ; 
& 
= 


JANUARY 


in which , = compressive e residual stresses in the ‘compression flange; and 

4 TABLE 2.—Maximum Load P,,,, and M, /M,-\ Values (For Actual and Area) 


720 
0.684 


0.617 


0. 787 


0.938 
0.904 
0,908 
0.890 0. 
0.891 
0.889 ‘ 
0.906 95. 1.188 
9 | 0834 | 0913 | 81. 
149.8 | 0.790 0.930 | 882 | 0.673 
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140.9 0.937 | 84.9 0.718 
141.3 | 0.767 0937 100.1 | 1.2 
1S | 153.6 0723 0.939 
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WELDED BEAMS 
= compressive residual : stress area i in 1 the compression flange. Fis. 8 shows 
the: variations of G,. for the welded and rolled sections, respectively. The meen 

values and the coefficient of variation of G,. are 0.120 and 0.466 for the welded 
beams, respectively. For the rolled beams, ‘the mean values and the coefficient _ 
of variation of 3... are calculated as 0.066 and 0.241 from the measured residual _ 

Cross-S -Sectional ig. shows a measured histogram of the cross-sectional 


variation of the 34 members, taking the area and the nondimensionalized area 

— A/Ajom in the abscissa, in which A,,.,, = the nominal area. The same fillet — 
i oa areas are added to the cross-sectional area in the nominal and actual sections. 

_ The mean area is equal to the nominal area. The values M + 


2S, and the 


e Ultimate Strength.—Table 2 lists the maximum strength 


‘max Of the 34 
- nominally- -identical beams (1- -34), and the resulting M, S, and w values for the © 


and E series. The ) values are shown in in Fig. 10 for D 
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3.—Statistical Values of Test Results 
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FIG. 12.—M_ catte = 0.305 m) 


and E series. ‘The: Gaussian curve, and the measured Mand 
M + 2S values, are alsogivenin Fig. 10.00 
“ .. A variation of the ultimate strength of the test_beams is shown in Fig. 11, 7 
in which M,/M, is in the ordinate; and \ = V M,/M, is in the abscissa, — 
in which M, = the full plastic moment; and M, = the cleatic — | moment. 
Ther values are listed in Table y & The ultimate moment M, = P,,,,°1/4, is 
at the midspan. The lower part of the figure shows the coefficient 
of variation. pad PS rolled a 
In order to present the test data in the nondimensional form, the following ad 
_ two M, values are used for comparison: (1) The measured o, and the measured _ 
- cross- sectional dimensions [the different a, values in flange and in web are 
used to determine the plastic moment M eli and (2) the nominal o, = 235 
-MN/m’ and the nominal cross-sectional dimensions that lead to M,), = 66.85 
‘kNm. Table 2 lists a summary of the test results of the 34 beams in D and 
_E series. The test data of beams 1-34 are nondimensionalized by using M,)a- 
The values of M, S, and w are also givenineach series; 
___ It may be seen from Table 2 and Figs. 10 and 11 that the considerable variation | 
of the ultimate strength still exists after the test data are nondimensionalized — y 
by M, ),- However, by using M vs the variation of the test data becomes small. 
7 - Influence of the variation of M, a due to the actual yield stresses is comparatively 
profound on the variation of the ultimate —- forthe Dseries; 


trical dail material properties 
and of ‘the ultimate strength 2 are > summarized for the mean, standard deviation, _ 

; and coefficient of variation in Table 3. In this table, the large values of the 

_ coefficients of variation of initial crookednesses are obtained among other 
imperfection parameters and this will be explained that the frequency distribution 
of the initial crookednesses may be approximated by the Weibull model while © c 


other inpeefections may be approximated by the Gaussian models. 


Ls tes) points 45). veal 
TABLE 4. .—Sample Co Correlation Coefficients for Test t Results: a 


Series 


ae 
| 


| 
| N=25 M, | | u/l| M, 
My 0.68 | 0.14 | 0.80 |-0.24] 0.007 | 0.84 | -0.24] 0.26 
| 031 | -0.42 | 0.16 | 0.21 |-0.40]-0.20 | 017 |-045] 039 
TABLE Sample Correlation Coefficients for Test Results 
055 | O15 | 037 | O21] 0.05 
| 0.06 | oo | | -o18| 006 
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. Influence of wn Parameters on Variation of Ultimate Strength.— 
following three parameters will be used to investigate their influence on the 
ane variation of the welded beams: (1) The full plastic moment, M,, which 
was reflected by the variations of the yield stress and of the cross- -sectional 


7 

dimensions; the modified residual stresses ¢ in in Eq. 1; ar : and (3) initial 
crookednesses, u, //, in the lateral direction. 
Versus M »:—Figs. 12(a) and 12(b) show the scattergram of 34 pairs of 
M, and M,, in “welded series and the data of 25 pairs for the rolled beams" 
A, B, and Cc series are also plotted, respectively. The estimate lines for the 


| 
a 
a 
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are summarized in Tables 4 and 5, in which the values of r(M,,M, q are 0. 10 
_ and 0.37 in the D and E series, respectively, and they are less than those : 
for the rolled A, B, and C series. The degree of correlation between M, and 
i M,, becomes small with an increasing slenderness function of both the ie 7 
and welded beams. = = = ,w is 
M,,/M,), Versus Residual Stresses. 13 compares the scattergram 
_ 34 pairs of c,. and M ./M, ), in welded D series, and 25 pairs in rolled B 
“se ries. Both the D and B series are nearly the same nominal slenderness function: 
Ap = 0.848 and A, = 0.847. This figure shows that the mean value of G,. — 
in the welded beams, which is 1.82 times larger than those in the rolled beams x 
may have a lower M,/M, Je on the mean base. The small values of the sample 
correlation coefficient r[c,.,M, /M,)a\ between the modified residual 
and M, /M, ), which h are listed in Tables 4 and a may indicate that there exists | 
very little correlation between | the variation of and M,/M,), for welded 
D, as well as E series. However, the values of r(c,..M, /M,)a ] being large — 
in negative for rolled B, as well as the A and C series, indicates that the 
variation of may reduce the M, /M, )_ values. 
‘The difference of the mean value of G,. being 0.054 between the D and 
_B series may be a potential f factor in reducing th the M,/M, Ye , value from 0. 823 
M,/M,), Versus Initial Crookedness. —Fig. 14 shows the s scattergram m of u, 
and M . /M,), in both the D and B series. This figure, and the sample correlation - 
-—coeticint in Tables 4 and 5, between u,// and M, /M,), Which is small and = 
‘nearly equal to zero, indicates very li little correlation between the two variates. 7 
However, the values in the welded beams where the mean My value 
_is 4.38 times larger than that in the rolled beams, may slightly reduce the M, the M,/M, re 
3 Comparison Uttimate STRENGTH OF Ro.eo Beams 


In Fig. 15, the present results for 68 welded beams ; are , compared with the 


test (5). The test points are are 


° Rolled N=75 
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. 15. eee of Test Results for Rolled A, B, and C, and Welded D and eo eS) 
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are “given in Fig. 15. the same eupportiog, and loading 
conditions for the welded and rolled beams, the welded beams have a lower 
ultimate strength than the rolled beams in the mean values, and the coefficients 
3 variation of w, = 0.079 and w, = 0.110 are considerably large, as compared © 
with the values of w, = 0. 0564, w, = 0. 0291, and w. = 0.0245 in the rolled: 
- Statistical | buckling tests are carried out for the 34, nominally- -identical welded — 
beams in each D and E series. The beams are tested under the same loading ; 
g supporting conditions used for the rolled beams (5). The variation of the 
_ geometrical and material imperfections are arpenes and the degree of correlations 


- ‘The main imperfection parameter that highly influences the variation of o 


ultimate strength, is the variable value of the actual full plastic moment — 
contains actual yield stresses and cross-sectional dimensions. The degree of F 
_ correlation between the ultimate € strength and M,), ‘becomes small with an 


- coefficients of variation of M.,/M, that are nondimensionalized by th 
actual M,), values becomes less, , and these are 22.6% and 1.8% less than those 

| [or M,, M,/M,),) for the D and E series, respectively. 
__ Measurements of the compressive residual stresses and initial crookedness 
in the welded beams have shown that the mean and the coefficient of variation 
are significantly large in the welded beams, as compared with those in the P 
“rolled beams. The welded beams have a lower ultimate strength, ./M 


M, /M,),in the welded beams may be due to the large variation in the compressive 7 
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The following symbols are used in this paper: 

area of cross section; — 


I, = moment of inertia about the 1 major axis; achalive 

L = moment of inertia about the minor axis; trader calgon 


M = mean value; 

= elastic critical m moment; 
4 M, = plastic moment; 


nominal plastic moment; the 
= ultimate bending moment; 
= number of data; he of 
= standard deviation; 3 Thoms by the 
u initial deflection in lateral direction; 


= compressive residual stress in the compression flange; _ 


Fre 
_nondimensional average residual compressive stress; stage 


yield stress; Gai tate" 

= nondimensionalized initial angle of rotation; and Cate One 

of Mey & 
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tn 


-. altos design loads, and could be used by other countries. sae aby 
_ This paper offers an appraisal of the concept and consists of: (1) An duchetive 
 devbidebed of an equivalent base length; (2) a demonstration that vehicles 


ona bridge; ; and (3) an examination of the validity of the Ontario method as 
a whole, by using it to develop an ities lie from a series of Australian 


| 


Ontario 


set of concentrated loads is uniformly distributed such that this uniformly 
distributed load would cause force effects in a supporting structure not not 


deviating unreasonably from those caused by the the “Sequence i itself. 

‘The ‘ “sequential set of concentrated loads’? may / correspond to a complete _ 

vehicle, or to any subset of adjacent loads. If there are nm loads in the vehicle 
asa whole, then there are factorial n(n!) subsets of loads taken 1, 2, 3 ... 


at a time. The total description of the vehicle consists of n! points in (W,B,,) _ 
, where = the total weight of the subset; and Bay: the equivalent 
"Prof. of Civ. — Univ. of Queensland, St. Lucia, Brisbane, Queensiand, Australia, ¢ 
_ Note.—Discussion open until June 1, 1981. To extend the closing date one month, — 
a written request must be filed with the Manager of Technical and Professional Publications, — 
. ASCE. Manuscript was submitted for review for possible publication on May 6, 1980. 
: This paper is part of the Journal of the Structural | Division, Proceedings of the American 
Society of Civil ASCE, Vol. 107, ‘No. STI, 1981. ISSN 


By Colin OC 
The 1979 Ontario Bridge Design Code (5) specifies a design truck called the __ 
Ontario Highway Bridge Design (OHBD) truck. The development of this idealized — 
truck was based on the concept of an equivalent base length (2,3,6). This concept — 
> 
td the equivalent base length, B,,, as : 
| 
| 


This series points will 


Consider any subset. Then the definition c of equivalent base as ‘previously 
- quoted, implies that this set of point loads may be replaced by a distributed 
4 load, W, of length B a It will be shown subsequently, that this description - 
of the set by two v values, W and Mas is not particularly good. ‘However, the 
. --validity of this two-variable vehicle description is not, in fact, crucial to the 
equivalent base length concept, as used by the Ontario Highway authorities. — 
Rather, the concept may be described more fully as follows (2,3). 
1. Three surveys were carried out on truck traffic in Ontario. Ea bead truck, 


and each subset of axles, were used to compute points (W, By): Sr on 
_ 2. A histogram of such points was computed; that shown in Fig. 7 is an ~ 


220 +2078, 


70| 70 | | | 6s | 


3) 63) 90. 6s, 444) 26) 29 


ris! 93 | 63 | 48 | 34! 20 
| 
38 70. 73 | 68 | 54) 42/27/29 

26)! 
‘ 62) $4] 46) 17 


15 | 31 | 66 | 340) | | 49 | [27 


(taken from 1967 vehicle survey y data). 
The line on the histogram of Fig. 1 has the following e equation 


Win kips) =20+2. 07B,, — | 0.00718 (B in feet) a 


kN) = 9.806 (10.0 + 3.0B,, — 0. 0325 Bu wi in (2) 


- This c curve, which lies some ne distance below the | upper bound of the survey survey — 


data, is called the Ontario Bridge Formula (OBF). “pend. WED ba 


_ 4. A subsequent 1971 survey was used to establish a virtual upper bound | ; 
of vehicles in Ontario. This revised curve Seine 
(MOL), was expressed initially (3) as as val RA 


7 MOL (in kips) = = = 42. 5 + 2. “deal 0.0071B, for Bu in feet 


MOL (in kN) = =9. 806 (10.0 4 + 


| 
q 
| 
= = 
a 
| 
( 


BASE LENGTH 
«6. A vehicle was the OHBD truck, with a to the 


al 1 2; 
valid id to ace a of (W, B and 


or 


2. (3) kN = 157.4 kips 

Q) is it valid to select a design vehicle on the basis that its equivalent base — 

9 
length signature follows a curve such as the MOL curve? | 


Computation oF Ontario E Equivatent Base LenctH anibood stuloads of) 
~The method used for computing Bue is described | fully it in ‘Ref. 3. is based 


maximum bending moment in a simply-supported beam. 
It will be recalled that the maximum bending moment under a particular load = 
of a group moved across the span occurs when the center of the span bisects _ 
the distance between that particular load and the center of gravity of the | load — 7 
_ Consider a group, of total weight W, as shown in Fig. 3, and the bending 


| | 
==: 
| | 
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moment antes be shown (3), that a distributed load, W, of 
length B produces the same maximum bending moment if 


The span length, L L,a appears only in the term. This t term i is 
small. To 0 avoid dependence of 5 of on L, Ref. 3 Eq. 5 


The pat theorem does not the load 


FIG. 3.—Load | 


REGION NEAR APPROXIMATION TO a 


ne. 4. Typical influence Lines 


the absolute maximum bending moment oonmes.. Ref. 3 suggests ests that | the load 
“closest to the center of should | be used. 
i Typical | Influence Lines.—In practice, the design truck load may be used with _ 
various influence lines to produce maximum values of bending moment, shear, j 
oo or axial force. The shape of these influence lines i is — a series” 


a 
= 
of 
i 
| 
- indeterminate structure. The part of the influence line often of greater importance, a 
q 


EQUIVALENT BASE LENGTH 


Fig. 4 shows sc some ‘typical influence lines, together with linear 

rt in the region of the maximum ordinate. Cases b-d may be modeled as a pair 

; of straight lines rising to the maximum at equal or different slopes, as shown __ 
_ again in Fig. 5. Such linear influence lines occur commonly in peenun 4 
beams. In particular, the influence line shown in Fig. 5(b) is the infieenes 
line for bending moment at the center of a simply-supported span, and is of 


eden A a squads sity 
Deter the dane FIG. 5.- 5.—Common | Linear Influence Lines 


FIG. 6. —Idenitication of Central Load 


major in the gules of bridges of small span. 
a * the following sections it will be assumed that the functions under — 


tion have influence lines similar to those in Fig. 5. 
Identification of Central Load. —The maximum value of the function will occur 


load will be referred to as - the central load. In many cases, it is not clear 
7 which of of the loads is for many influence lines it 


— om 
| 
| 
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x will be 2 a large load nei near rr center of the group. r 
2. Fig. 6 shows a load system, with soounant force, WwW. mites the central load, 
BS , as the load such that, _ when aP., (0 < a < 1.0), is joined with the loads 
to the left, their resultant is W/2. Similarly, (1 oc a)P., with the loads to 
the right, also has resultant W/2. soil € 
7 ~ It will be shown that this definition of the central load is correct for an _ 
equi-angular influence line [i.e., as the one shown in Fig. 4(b)]. ae _ 
Let P. be located at the maximum ordinate, as shown in Fig. 7. Consider — 
change in the F, as the load is moved a distance, 
the line were extended as ows by the line in Fig. 
a then the change in F would be zero. The resultant W/2 to the left would 
‘rise through an estineie. ts, on the influence line, _ while the resultant to the 
More truly, F will reduce by an amount aP_ x 2ts, in which 21s = the the difference — 
= the dotted extension and the true influence line. 
ee instead that the system is moved to the left. Then, by a similar 


duce by 
Beal | ro 


“wa 


ta)€QUI- ~AN GULAR | INFLUENCE LINE 


te 


, 
it follows that, provided 0 < a< 1. 0, the maximum | value of F will occur 


It cannot be argued that the same load will be the er load for an asymmetric 
hee line. Rather, the validity of the aforementioned definition of the central 
_ load will depend on the magnitude of a, and the relative magnitudes of th the 
In the present argument, it is desirable to have a unique definition of the 
_—— load. The aforementioned definition will be adopted as being = 
Mi for the important case of an equi-angular influence line, and a reasonable choice 
for many others in which the slope difference is not great, 
a Ambiguous Case.—The aforementioned definition of the central Ic load is  ambigu- 


ous in the case where a = 0 (or 1. 0). The central load, P , may be ened | 
by summing the loads from the left, and stopping when the sum is equal _ 


or greater than W/2. If the sum ‘equals W/2, then either the current wheel, 
that next to the right, may be the central wheel. of) a 

7» In this case, an integral subset of the loads happens to total etek 
a case is shown in Fig. 8. 
_ Case a shows the loads applied to an equi-angular influence line, with the | 
_ ambiguous central loads ~ straddling the the maximum. n. Then, the function F, | is 


4 
AWS 
| 
| 
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a at the maximum; i. pes ¢ in this case, ‘ier a or b may be used as the central 
ing This situation does not occur in Case b. Here it is clear that for bit tac : 
the load system must be moved to the right until load a is at the maximum. 
In practice, a design truck load system may be reversed. With this in — 
_ the worst central load may be defined as that one of the loads a and b no 
is the smaller distance from the resultant of its W/2 group. ge ae < i 
Concentrated Base Length. —The aforementioned analysis suggests that the 
load system shown in Fig. 9 may be replaced by an equivalent load rot 
consisting of two concentrated loads, W/2, located at the resultants of the ; 
left and right halves of the load system. The distances, b, and b,, from the 
central load to these resultants may be readily calculated. eer Sa 
also the location parameter, . x, as lesser of b and b, 
x defines the central point of the equivalent system. 
= 


ORIGINAL — 


LOAD 


{ 


| ceNTRAL 


FIG, 9.—Concentrated Base Length or on 
ill 


a: This equivalent load system, when applied to any linear influence line, wi 
produce: the same value of the function F, as the original system, provided 
oo Fr. and the central point are both placed at the maximum ordinate. _ tin 
_ It is worth repeating this conclusion. The equivalent load system may be ss 
_ used to find a maximum value of the function F, with the load system facing fy 
in either direction, and with the central point at the maximum ordinate. Then 


1 maximum will be the same as for the Original load system, provided that 


- Relationship between Concentrated ‘us Length and Ontario Equivalent Base 
_ Length.—It was noted previously that in the definition of the Ontario equivalent, s 


base length (Eq. 5 or 6), the second | term was small. Suppose it is is neglected. a 


ia Assume also that the central load, . , is as as previously defined. Pistia te 


Then, for the left-hand group of loads 1 


j 
| 
4 
The Worst load te One at the maxi us 
| 
3 
| 
| 


For | the complete load system 


That i is, the simplified value of B,, is precisely equal to twice the concentrated — | 
base length, Subject o only t to the restriction tl that th the same central loa load ‘must: - 
There is value in the concept of an equivalent distributed load. For example, 
it causes the equivalent load to be spread over a realistic area of a complex 
influence line. Furthermore, it is tempting to spread each concentrated load, 
W/2, over a length b, as shown in Fig. 10. 
This distributed load is not, however, precisely equivalent to the system of | 
- two concentrated loads. The distances b, and b, were originally calculated 
that the moments b, x W/2 and b, x the moments 


_ the central wheel of the loads to the left and the right. It may be observed 


FIG. 10. —Relationship | between Equivalent Concentrated ‘and Distributed Loads 
that the two p portions of the distributed load do not satisfy y this condition. acat 
_ Furthermore, given the equivalent distributed load, there is a temptation to 
assume that it may be placed anywhere on the influence line to achieve a 
maximum value of the function F. It i may be readily shown that this, in general, 
For these reasons, ‘it will be preferred in this paper to use the eq sities 
concentrated load system defined by the three variables, W, b, and x. For 
the ambiguous case, the central load will be taken as that which gives the _ 
smallest value of x. This is equivalent to the principle stated previously, =» 


The equivalent loads described f previously | give exact results < only in some —_ 
-— cases. It is desirable to check the quality of the substitution for a range 
ie with Same Base Length.—Fig. 11(a) shows a standard T44 truck. ’ 


This is the shortest form of a a nines specified by the National Association -_ 


a 
| 


of Australian State Road puthaehinn bridge code (4). It based on the ¢ American 
Association of State Highway and Transportation Officials (AASHTO) HS20 

increased by a factor 1.349, and with double axles(1), 
_ The complete T44 truck has a weight of 432 kN (97.1 kips), and a concentrated 
base length b = 4. 82 m (15.8 ft). Fig. lil also shows fiv five other trucks: with 
the same total load, 432 kN, and b = =4. 82 m. ‘The locations o of ‘the ce central 
and the values of x are shown. « 0 fon 

- Fig. 12(a) shows curves of maximum central bending moment for a mcg 
‘Supported girder plotted | span. For the the longer spans, the 


= 


96 2 


11 with ond b (144, 11-15): We kN = 97.1 kips; 

* On es other hand, Fig. 12(b) shows similar curves for support bending moment if 
of a three-span bridge with cantilever and suspended spans. The horizontal 
scale of the plot is deceptive in this case, as L is the total length, rather than | 
the length of any one span. Nevertheless, it may be seen that the curves differ, 7 


even for the longer s spans. Truck T3 has a value of the location ‘parameter 
x, closest to that of the T44 truck, and has given the best results. All three 
trucks with x = 0, and have given identical results for the 


1 
| 
i” 
, _ Similar curves have been obtained for a variety of other cases, using influence a 
: _ lines for shear and bending moment for determinate and continuous girders. ie 


Variations from the T44 truck are similar in scale to those shown i in Fig. 2, 
although the T3 truck is not closest to the T44 truck in all cases. tO AcutAzaes 
4 Vehicles with Same Base Length and x.—The vehicles in Fig. 13 have my ) 


CG MOMENT 


CENTRAL BENDIN 


4 

x 


= 
= 
e 
aa 
= 


FIG. 12.—Curves of Design | Bending Moment; Trucks 144 and T1-T5; (1 kNm = 
= same values of W, b, ond x. Fig. 14 shows wan results obtained with these 
-_ 
In Fig. 14(a), the central bending moments fat a simple span are consistent, 
_ except for for the shorter spans. For the support moment of of a three- a cantilever | 


Fig. 14(b) shows that after divergences | at the smaller spans, results 
2 - ; converge for the longer spans. Fig. 14(c) is for the shear at the end of a continuous | : 


girder, and shows substantial differences for allspans.§ | 
_ Vehicles with Identical Envelopes of Base Length Signature.—Fig. 15 shows 
two trucks with identical envelopes of base length signature. Subset | consists — 
only of the largest load. Subset 2 has the largest pair of adjacent loads. Subset 
4g contains all three loads. For the first two subsets, x = 0 for both vehicles 
For the complete vehicles, the values of x are 0.462 and 0.231, respectively. — 
For a three-load system, there are six subsets of adjacent loads. For truck 
_T9, these are: (1) Three single loads: 70 kN, 100 kN, and 40 kN; (2) two_ 
” double loads: 70 _ kN, and 100 + 40 KN; and (3) one triple load: 70 
_ The two load systems have identical ‘signatures except in regard to the smaller 
f the - double load subset, i.e., 100 + 40 kN for T9, and 40 + 70 kN for 
710. If the signatures were truly identical, then the load systems as a whole 
+—CENTRAL 
{ 


would the phrase has been used because have 
id 

id entical envelopes of base length signature. 


i‘ _ Fig. 16 shows curves of bending 1 moment at the interior support for: ql) A 


three-span cantilever bridge; and (2) a three-span continuous girder. In both xs 
cases significant differences occur, 
Conclusions from Pre liminary Studies.—The conclusions reached from the _ 


aforementioned studies are as follows: (1) No equivalent vehicle is perfect for — 
all cases; (2) vehicles with identical envelopes of base length signature can 
give different results; (3) it is difficult to judge if the differences shown to 
_ exist between hypothetical vehicles are similar in magnitude to those which 
may occur with practical vehicles; (4) there is some prospect of designing ' | 
satisfactory equivalent vehicle by the use of the following criteria: (a) Same — 
maximum single axle load (or possibly the same worst axle group); (b) same aa 
¥ envelope of base length signatures; one (c) for the total vehicle, the same tota ¥ 


| | 

-. 13.—Trucks with Same W, b, and x (T6-T8); W = 432 kN = 97.1 kips; b = — 
7 
QQ 


all wr 

load, concentrated base length, and location 

@ Simulation Study.—It was decided therefore, to simulate the entire Ontari 
op process described in Ref. 3. The following steps were taken. teogtal of we yin 


| 


FIG. 14.—Curves of Design Bending Moment and Shear; Trucks T6-T8 (1 kNm 
0.738 ft kips; 1 kN = 0.225 kips; = 3.28 ft) 
1. Aseries of vehicles was generated with configurations lying at the Australian 7 
- legal limits. These vehicles are shown in Fig. 17 and may be described as f 
- follows: (a) There are two- , three- , or four-axle groups; (b) the front _ 
has one or two axles; the other axle groups have one, two, or three axles, 
except that the second group is not permitted to have fewer axles than the 
first, and the fourth group, if it exists, has the same number of axles as the 
third; (c) the spacing of adjacent axles for a two-axle group is 1.2 m (3.9 ft) 
and for a three-axle group 1.0 m (3.3 ft); (d) the spacing of adjacent axles — 
of groups one and two is 3 m (9.8 ft) and either 3 m or 6 m (9.8 ft or 19.7 


ft) for other groups; (e) vehicles than m between ‘extreme, 


q 
q 
| 


EQUIVALENT BASE LENGTH 
- axles a are excluded; () the weight of an axle group is, whenever possible, set 
S at the Australian legal limit, as shown in Fig. 17; but the total weight of the 
vehicle is, when necessary, brought back to the overall legal limit (also : shown a 


and (g) in reducing a total vehicle to the legal limit, two vehicles 


vert: 


NGTH (m) 


oo iw 
| 


= 


70, 400 KN 


5 length s signature 
“ot 
170 ax 
= 
15.—Trucks with \dentica Base Length TH 0); 


remaining groups reduced in the same proportion. and the 
2. For each vehicle, every subset of adjacent | axles was analyzed to give 


3. Separate counts were made of the occurrences of particular combinations — 


Wa 


: 
‘ 
De 
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@ went b, saad the ranges 0-0.1, 0.1-0.2, 0.2-0.3, 0.3-0.4, 0.4-0.5, and | 
all x. These counts were presented in the manner of Fig. 1. 


_ 4, Every vehicle was used to find maximum values for the five functions — ae 


INTERNAL SUPPORT MOMENT (KNm) 


FIG. 16. of Design Bending Moment; ‘Trucks T9, kNm = 0.738 ft 
pen in Fig. 18, for L varied in steps of 1 m (3.3 ft) over the range 1 m-100 
m (3.3 ft-328 ft). The upper bounds or envelopes of were functions were plotted : 


ST1 EQUIVALENT BASE LENGTH 


The W/b previously described were used to generate equivalent 
; = t trucks. These e were U used to obtain separate curves of maxima of the five functions, ra 
i for L varying from 1 m-100 m (3.3 ft-328 ft), and these curves were ‘compared 


The when used with the data described, generated 191 


Group 


(b) Aus Austratian legal limits (maximum values ) 


axle group - steering (22.0kips) 
group - non- steering St (33-1 kips) 
axle group G97kips) 
Maximum length 16m (525 ft) 


Maximum fotal weight varies from at 
total length to 36t at 12m,and then 
constant at 36t to 16m.(397kips at 9-8ft to 


719-4 k t 39-4-52:5 ft 
FIG. 17.—Family of Australian Legal Vehicles 
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moment 
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‘The chart for all x is presented in Fig. envelopes to this chart, 
: and to the charts for separate ranges of x, are shownin Fig.20. 


_ This ao ake lists the coordinates of the characteristic points of the upper . 


steps, W it in steps 10 kN (2. 25 kips), and in. steps | of 0.25 (0.82 2 ft). 


_ The subsets corresponding to some “ these points may be identified. o26 fron =| 
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EQUIVALENT BASE LENGTH { 
1. The point 0.125) is, more precisely, (83.4 kN, 0 or (18. 7 
ft), and corresponds to the legal single axle. finest 
_ 2. Similarly, point (145, 1.125) is (147.2 kN , 12 m), or (33.1 me 3. 9 am ’ 
to the legal with axle 1.2m G. 9 


0-04 


FIG. 21 Legal Trucks (LT1-LT3); We 353.2 KN (79.4 kips); 

By 3. ‘Point (175, 1.375) is (176.6 kN, 1.33 m), or (39.7 kips, 4.4 ft), due to. 

‘the legal triaxle, with axle spacings 1.0 m (3.3 ft). 


—. | nature of these points could be deduced with comea confidence from: 


: 


FIG. 22. —Curves of Design Legal Vehicles (1 kKNm = 


or: 


700 
| 
| 
q 
=k. 


ve histogram itself. Three equivalent legal trucks have as shown 


in Fig. 21: (1) All contain one single axle at the legal limit of 8.5¢ = 83.4 


iN (18.75 kips); (2) trucks LT1 and LT2 contain } also a three-axle group at 


already excedl the SF tots ke 


by 


Re 
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FIG. 24.—Errors Due to Use of ase Trucks LT1-LT3; (1 kNm = 0.73 738 f ft sed 
1KN=0.225kips;1m=3.28f) 
the legal limit (18¢ = 


chosen so that the total weight is at the legal limit of 36¢ = 353.2 kN (79. 4 
] t th limi it 1St 
and truck has of es at the legal imit ( 


176.6 kN or 39.7 with a two-axle 


= 
| 
| 
‘ 
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147. 2 kN: or © 33. 1 kips), as well as a ‘legal ‘single axle, , and nm is on =. 
_ of two additional, equal single axles, each being below the legal limit. __ 
: -* The signatures of those trucks all lie at the envelope for all x ne 2 
Fig. 20. This figure shows that the envelopes of W tend t to rise as x increases. 
That is, there is a presumption that the vehicle which will best simulate the 
worst legal truck will have a high value of x. Fig. 21 lists x for the three 
complete vehicles. Truck has ‘the largest x, and on ‘this should 


a Rens of Simulation Study. —The family of legal vehicles produced the curves 


1— 


as 
ror centage rs ‘Error 3 centage 


+11.4kNm 
—18.4kNm 
—2.8kNm 
~13.9kNm 
—-4.0kNm 
~13.8 kNm 
-3.3kNm 
 4.7kNm 
~12.2 kNm 
+49.9 kNm 
+50.7 kNm 


+13.1kKN 
+3.7kN 
—6.4 kN 
+5.0 kN 
+13.0 kN 


+49 kN 
+2.4 kN 


_ 1 kN = 0.225 kips; | m = 3.28 ft; | kNm = 0.738 ft kips. : 
of the functions F F5 against shown. in Figs. 22 23. It may be noted 
that they are regular, even for small spans. 
“Fig. 24 shows the departures from these curves when the three equivalent 
vehicles are used. It is important to compare the scales of these error curves _ 
with the scales of the functions themselves, as shown in Figs. 22 and 23. The 
following general conclusions may be drawn: (1) The errors are not large; and — 
_ (2) truck LT1 tends to perform best, particularly at the longer spans. a 
However, all curves show Significant | local errors at small Spans, 


q 
| 
| meters centage 
9 +3.2 | 9 [4+116kNm| | 4 |-147kNm]-125 
16 | KNm} | 100 |-87.0kNm} -1.0 | 14 
| | =14.9kNm| -12.1 | | -9.8kNm| -102 | 
(By)| |=15S2kNm| -6.9 | 8 | +15kNm] +08 | 7 
14 | |-19.6kNm| -6.5 | 10 
100 | 40.08 | 100 |-78.0kNm} -1.45 | 100 —0.05 
«#3 -14.7kNm| -14.3 | 4 |-14.7kNm| -143 | 7 -15 
(By) 8 |+143kNm| +5.4 | 8 |+143kNm| +5.4 | 8 
i +25.3kNm| +3.5_ +25.3kNm| +3.5 10 31 
100 411.7 40.14 | -7.3kNm| -0.7 | 21 
2 |-14.7KkN | -143 —14.7KN | 5 | +6.7KN | +4.7— 
43.0 | 45.7kN | 43.1 | 29 | | 435 
4 | -9.3 | 28 +4.6 | 100 | +29 kN 40.87 
28 +5.2KN | | 100 
|-ILIKN | -109 9 -40 | 3 | -7.3KN | -7.2_ 
(Shear)} | +5.5KN 43.1 | 15 +25 | 7 | +5.0KN | 43.700 
242 4s +46 | 12 |-104 kN 
+17 | 100 | | 4187] 45 | 43s 
{ 
with shear. Table I lists the errors at some significant of the curves. 


EQUIVALENT BASE ENT BASE LENGTH 
Calealations w were carried ‘out at I-m 3-ft) intervals of the length, L. 
errors may be expected at intermediate points. 
_ Table 1 shows that truck LT1 generally gives the best ‘results, particularly 


~@ the longer spans. For all trucks, significant errors occur at small — 
“of the order of 15% for L equal t to 6n m a (19. 7 7 ft) or ‘These errors: 


well as the vehicle as a whole. sb to noit 2d! ai beviovai omit sd} oi 

_ The Australian legal limits have the characteristic that the restriction on orn 2 

weight makes it unlikely that all axle groups will be fully loaded. For example, od a 
te a vehicle with ‘three- axle groups, with one, two, and two axles respectively — oa 

in the groups, , has a sum of legal axle group loadings of 38.5¢ (84.9 kips), 
- which already exceeds the limit on total weight (36¢ or 79.4 kips). At the upper ia 
bound, the sum of the legal axle group weights for two, three, three, and three — 
axles would be 641 (141.1 kips), greatly in excess of the 361 (79.4 kips) limit. _ 
Iti is impossible to incorporate in a single vehicle, the legal axle group weights 
for the three possible groups, with one, two, and three axles in the groups. oat 


In view of this, it is considered that the results are surprisingly - good. a 2 


is difficult to see how the e equivalent trucks LT1 -LT3" could otherwise have 


Concusions 


oth concept of base (By 
the determination of an appropriate highway bridge design truck. 
; 2 2. It needs, however, to” be considered with care. It i is impossible to describe a 
a complex truck accurately by two values only, W and B,,, or W and b, nor 
_ is this implied in the use made by the Ontario authorities of the equivalent 
; base length concept. Rather, it is implied that any single vehicle may be described 
_ with reasonable accuracy by its sugnature in (W, B,,) or (W,b) space. sna 0 
3. This paper develops an equivalent concentrated base > length, b. eel 
differs from the Ontario: distributed base length, B these 


is precisely 0. 5x, a an approximate form of the Ontario equivalent base length. ial 
a 4. The description of a subset of axles may be enlarged to include a location — - 
_ parameter, x, and this may be | used to choose between equivalent vehicles with 
= base length signatures. 
3a study using a family of hypothetical Australian legal vehicles shows a 
.. the Ontario method may be used to choose equivalent vehicles which give 
accurate curves against span of the maxima of five functions: (a) Bending moment . 
at midspan of a simply-supported girder; (b) bending moment at midspan of _ 
a three-span continuous girder; (c) bending moment at the support of a three-span 
cantilever / suspended span girder; (d) shear at the end of a simple girder; and ~ 
— &) shear at the end of a continuous girder. It may be expected that similar 
accuracies would be achieved i in other cases. pol to 


| 
— | 
: (6. This study should also assist the selection of an improved Australian design ve 
’ vehicle. It is proposed to extend the study to investigate the effects of possible J a 


ANUARY 1 y > 


changes in the Australian legal limits, particularly in in ens specification of total total 
7. The present AASHTO design truck has a variable back axle spacing. With 
_ the new OHBD truck, the designer is required to consider various subsets of _ 
axles. The present study suggests that it may be possible to use a ction 
nonvariable vehicle with sufficient accuracy. This would lead to a reduction 


in n which the us use » of variable vehicles c can 1 add siguiliciady G to logical complexity 


1 


ban Ao) ord) owt 101 Lagel act Fo 


study has arisen from work carried out at the of Queensland 


; es by Neville Richter, tutor in civil engineering. The paper has been 
» 
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Thefollowing symbols are sed inthis pape: | 


— a = fraction of central 
Ontario equivalent base length; 

equivalent lever arms: left, , Tight; te 


one F,. = functions, such as bending moment and shear; 


concentrated loads; ald 
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7 

| 

‘| 


EQUIVALENT BASE LENGTH 


= slope of linear influence line; (Ore 
slopes at left and right o linear influence line; Ev 


location parameter; 
x, = distance to load P, from n reference load P,; and SIC 
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By Heinrich Rothert,' Timm Dickel,” ‘and Detlef Renner Rizaing 101 
i analysis of reticulated space trusses is still under consideration. Many computa- _ 
tional methods are available which can roughly be classified as either shell 
E analogies. or discrete element analyses. In the past many engineers and investiga- 
tors, e.g., Davies (2) and Wright (12), resorted to formulas of shell buckling; 


. however, the criteria for introducing these into the nonlinear analysis of reticulated 
structures were not established and the deficiencies of shell buckling theories | 
_ were not overcome. In light of these criticisms, it seems expedient to consider > 
Zz a reticulated space structure as an assemblage of discrete straight prismatic 
z. elements lying on a curved surface and to resort to a discrete element analysis. 4 
_ Jagannathan et al. (3) presented a nonlinear finite element formulation ssc 
- to linearly elastic truss elements and to a solution of the governing nonlinear co 
equations by a Newton- Raphson procedure. Thus the snap- a li load is 


“analysis of reticulated space trusses of arbitrary shape and loading. A aieaive 

study of four efficient solution techniques (5,7,8,10,11) focuses on determining _ 
_ the snap-through load with sufficient accuracy. Moreover, all the methods except 
- one predict the entire load-displacement curve. In addition, aspects of the 
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7 <a efforts of the the four methods are compared and contrasted. Finally, 
through examples it is shown that the snap-through load of reticulated shells 
is sensitive to asymmetries of loading and stiffness. een Sas 


Comparative Stupy oF Dirrerent SoLuTion TECHNIQUES FOR of NONLINEAR 
Emphasis is laid on he practical feasibility ; and on the applicability of solution 
_ techniques for the snap-through problem; however, no extensive formal mathe- 
_ incremental and iterative techniques which are based on a so-called predictor-cor- 


“rector The main schemes spring f from the ‘Newton- — 


isgivenby 
is given by wee 
in which x = a point of a generalized load-displacement space R,, +: with a an 
x=x,e,+x,e, +. +x,e,=%,@,, a =@ 
in which x, may be identified asa ous booting parameter, and the other 


ath distinction between different sind of convergence proves. to be useful 
and will be achieved by introducing the following g= 


solution vector of the incremental step; and ‘solution. vector of 


Newton- -Raphson Method Combined with Extrapolation of Relative Determi- 
nant.—For a stable s state X known in ‘advance, and therefore denoted by an 


yields the incremental solution and gives the pom 


The kth corrector point {is easily obtained from tits arti” 


Note that {= = This correction procedure may be until approaches 


| 
| 
ok 
a 
q 
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x or, more precisely, until the errors sf ( ¢ ) have become eas: small as desired. 


As already mentioned, the numerical solution of the nonlinear equilibrium 
equations takes place in a multidimensional space. This makes it difficult to 
= visualize the solution procedure. In what follows, various solution techniques 

are illustrated diagrammatically by two-dimensional load-displacement plots. The a 

reader should be aware that such | figures are oversimplifications. 
The procedure just described is shown in Fig. 


_ The condition that the determinant of the Jacobian matrix be nonzero, i.e.: 


a basic requirement for method to work well. 
_ For snap-through problems the matrix becomes singular in theory ‘exactly. 
at the limit point; however, with semerical caleuigtions the singularity affects 


this singularity oc occurs the s variation of the total energy 
becomes zero at the limit point. To predict the snap-through load with sufficient 
accuracy, Mau and Gallagher (4) and Ramm (6) proposed extrapolation of the | 
_ determinant J in the ae region. A schematic plot of the determinant versus — 
reliable estimate of the critical value extrapolation is hardly 
because of the considerable change of curvature of the dashed portion of the — 
curve in Fig. 2(a). The writers’ proposal to overcome this difficulty is the 


th 
of a so-called relative 


by means of which the pole is transformed to the origin of the coordinate 


= 
| 
| | 


In conjunction with the load-displacement plot, this | simple extrapolation 


“procedure is suitable for the determination of the limit point with sufficient a 
accuracy, but nothing else. If the loading -path beyond the limit point | is of 
interest, it is advisable to use methods like those of Menzel re Schwetlick 


Sometimes it is possible to obtain the whole loading path by incrementing 


some characteristic displacement parameter which is continuously increasing. 
However, the particular parameter must be selected in advance. if the chosen 


rend —Extrapolation of Determinants 


FIG. 3 Method by Adding Constraint Condition 


taiiiis ve possesses a point of reversal such as is shown in 1 Fig. 11(6), 
} 

the method of incrementing a displacement i is bound t to fail. 
a Solution Method by Adding a Constraint Condition —To. overcome the pitfalls" 
: caused by incrementing either the load or some displacement, it is advisable 


to prescribe another parameter. Wempner (10) proposed a generalized arc length = 
= dx, dx, + dx 2, wal. 


_ The ba ocedure as outlin ned by E 3-6 is now m adi fied to a ere 
e asic proc ure ined by Egs. i now modifi 


Egs. 3 take the form 


ee 


is 


and are are supplemented by the constraint maid ‘ 


| 


i ae which Az, and Ax, | = components of the incremental | solution vector ‘fro 

the 

Re ae linear Eqs. 10 and ll is , sufficient to determine the m unknowns Aé, an 
additional one Instead of using corrections ‘ to 


ALS 


one point, 


= 


“FIG. 4.—Destroying Bandwidth 
say X, must be known | to start the entire It is that trivial 
solution x = 0 cannot serve as a starting point. This means that, at the beginning, — * 7 
one Newton-Raphson step must be employed. Moreover, there are two additional _ 
a disadvantages . First, the symmetry of the system matrices is disturbed re 
by adding Eq. 11. Therefore, one has to dispense with the Cholesky method 
, and resort to a more general Gaussian elimination "procedure. Secondly, ‘the 
bandwidth of the set of equations is destroyed. The last statement becomes 
. _ evident by inspection of Fig. 4 - bearing in mind the Gaussian method. This 
Solution Method Using a Parametric Transformation.—A constraint condition 
which i is more complicated than that of Wempner and which can be interpreted 
cy as a parametric transformation is suggested by Riks (7,8) and Menzel and 
s Schwetlick (5). This method has the same advantages and disadvantages as 7 
“ the previous approach, but in its derivation it is more consistent, , and from - 
mathematical point of view it is well established. 
«Eq. 14 describes the additional constraint | condition f,. Geometrically ig. 
‘i this constrains the solution to lie in the plane i to the unit tangent | 


a 
% 
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tter ts - 
An overdot denotes differentiation with respect to the generalized arc length ~ : 


| of the equilibrium path, and a small circle is used to designate the scalar 
An initial nonzero point X(s, )and its path derivative x(s,) must be 


> 


another method before can be With a 


fe" 


derive directly from Eq. 15. 

Again, it is possible to determine the whole solution path including those 
points vertical or horizontal tangents. However, the symmetry and cad 


g 
at! 
| 
| 


bandwidth of original are destroyed. 
———— -§,,=0... 
a to obtain the path derivative x(s) for the | ensuing step. i simple but crude 


‘The methods of Riks, Menzel and end Wemgner work 
_ -* the amount of computation is considerable, especially when the mechanical 


System | has a large number of degrees of freedom. 


Now a method will be outlined (11) which makes use of the idea of a oo 
plane intersecting the equilibrium path but does not incorporate any additional 
equation into the original set of equations. The predictor step completely 
corresponds with Eqs. 3 and 4. The corrector steps are each performed & in ’ 
three stages. First, Ea. 5 is applied to obtain an auxiliary vector _ 


=a & euitatly chosen but otherwise arbitrary value of the loading 


In the faa sti AC results fr rom a simple vector operation 


wma 


To determine a and b only the right sides of Eqs. 5 and 21 are different oes 
each other, implying that the Cholesky elimination has to be done once. ony 
the right sides have to be solved twice. This means that, in each step of iteration, 
symmetry ¢ and bandwidth are fully conserved. The singularity of the snap-through © 
‘pales is passed or, figuratively speaking, the singularity is jumped. It is evident 
the possibility exists of across ill- conditioned matrices 


1 
k 
In the ensuing step, Eq. 3 inthe slightly modified form 
yields a second auxiliary ~ —— 
in which A 
which ‘a 
dition that A{ lies in the plane 
q 
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negative diagonal at each stage of the Cholesky elimination. At 

- beyond the limit point, at least one diagonal element will be negative, and — a 
sign of the incremental loading parameter can be automatically changed. 
_ Computational efforts and the effectiveness of the | described methods will hia 


be considered later when numerical results are presented. 
with 


Derivation of Nonunear Governinc Equation 

- The nonlinear equations are re derived by means a a nonlinear displacement a 


"method. It turns out to be more effective to choose the difference of coordinates <j 


-old position’ as unknowns, in contrast to most commonly 

“methods which employ displacements as unknowns. 
_ With a global right-handed Cartesian coordinate system as a reference frame, 7 
for an arbitrarily displaced joint K of a reticulated shell the following equilibrium _ 
_ equations in component form hold by inspection of Fig.7 _ 


the close vicinit att te ithe 

; a In the selection of the loading parameter a typical difficulty arises at the 
imit point where a chanve ion he incremental load is necessary 

ke 
| 


in which Ixy = V(Xy— + (Yu — + denotes the new 
: distance between the displaced joints K and M, while fis represents the axial 

force: of the truss element KM. Summation is carried out over all bars joining 

node K. For small strains a linear law of is valid ody 


Green’ strain tensor in the > Lagrangian fo formulation 
and providing constant strain along ‘te axis cL. ‘the bar, one can write two 
"possible formulations of the stress-strain relation of a truss element depending : 
on whether the — term of n of the displacement gradient is a negligible quantity — 


7 in which lien = —, of the bar from joint K to joint M in the undeformed — | 
State. governing nonlinear equations are easily by inserting Eq. 
4 27 or or Eq. 28 into Egs. 24. Application of Eqs. 24 and 27 or 28 | to all joints — 

_ K except those on the boundary © finally leads to the system of “equations — 


_ corresponding to Eq. 1. This construction may be performed automatically by 
a computer Program . The Jacobian matrix /ax,] is found by 


in which h = step size. It is evident that no finite element ieonetotioné is necessary 


4 
| 
hy 
4 
"| 
q 
| 


for those geometrical configurations for which snap-through —— can arise, 
the choice of Eq. 27 or Eq. 28 is immaterial. 
_ After an initial evaluation Eq. 295 was selected, because of its advantages — é 
NumeRIcaL Resutts 
Several simple test cases having a closed form solution were 2 solved to assess 
‘the accuracy of the method. Furthermore, = — truss dome shown in 


“Li 
6216cm 


0 


_ Fig. 8(a) was analyzed. The results obtained with the p present method coincide - 
exactly with those obtained by Jagannathan, etal. (3), 
To trace the entire loading path [Fig. 8(b)] the three relevant solution methods 
described herein were applied. As shown in Fig. 8(c), the Newton-Raphson 
method combined with the extrapolation of the relative determinant served as 
Z fourth method to determine the load- -displacement characteristic up to the - 
point with sufficient accuracy. 


a rom the evaluation of numerical results the conclusion can be drawn that, __ 
q 
40 


st) space TRUSSES 
In addition, a shallow Schwedler dome (Fig. 9) having a span-to-height ratio Jf 
f R = 10 and subjected to uniform gravity load applied over one half ‘of 
the surface of the dome was investigated. Points 8 and 9 (Fig. 10) of the . 

load-displacement curve were determined by the method using a parametric 

transformation. The limit point was also obtained by extrapolation of the — 

determinant. The results are in good agreement with those in Ref. 3. The 

snap-through load has the value of 1523 N/m’. 


& 


= 
2 
hallow Schwediler Dome (3) 
- wn in Fig. 11(a) with 57 degrees of freedom serves as an example to investigate 
_ the influence which nonuniform loading and unsymmetrical stiffness have on 
the snap-through behavior of reticulated shells. In the case of a single generalized — 
’ load P/EA in joint | some typical load-displacement curves of joints 2 and 
4 are presented in Fix. 11(b), in which v, and w, designate the vertical and 
horizontal displacements. Fig. 11(c) shows the load-displacement characteristic 


| 
; As pointed out by Jagannathan, et al. (3), nonuniform loads must be carefully _ 
' considered in stability analysis of reticulated shells. The shallow truss dome 
——— 
| 
=7 SS NN 
Wr 
_ Of joint | and the extrapolation procedure of the relative determinant. =~ 
= This loading condition is the most critical one, but is of little practical ff 
| importance. In Fig. 12 the total generalized load P; / EA plotted versus: 


number n of loaded joints on the sbbeions, e. Bs n = 3 stands for loads applied a 
mE at joints 1, 2, and 3. The dramatic influence of nonuniform loading on the 
_ Fig. 13 shows how an unsymmetrical weakening « of the stiffness of one — 


of the inner rings affects the snap-through load of the shallow dome [Fig 
11(a)} subjected to a single vertical load in joint a 


‘$1523 — 


w 


Det re 


Determinant versus 


Versus 


20 
1G. 10.— —Relative Determinants of Shallow Schwedler er Dome 


‘The system in Fig. i@) and two quite similar systems with 21 and 119 
degrees of freedom were used to perform numerical experiments (9). To trace 4 
the whole loading path the Newton-Raphson procedure was applied close to _ 

_ the limit point. In the vicinity of the limit point one of the three methods _ 
_ which overcome the singularity was applied. In all cases where these combined 


| 
| 
= 
| 
| 
| | | 


j4 
« 


EA 
FIG. 11 .—Shallow Truss Dome with 57 Degrees o of Freedom sit 


1 
| 


solution strategies were used up to 25% of contd | processor one was saved > 
relative to bea time requirements f for tracing the entire loading path by the 


Influence of # Unsymmetrical Stiffnesses © 


methods of Wessels, Riks, and ver, 


allm methods turned out to be more or less equivalent in 


4 


_ For the analysis of 7" snap- -through behavior of reticulated space trusses — 


of arbitrary configuration, a large-displacement method has been formulated — a 
and by numerical differentiation prepared for incremental and iterative solution 
techniques. The members may y undergo both large joint displacements and large | 
‘member rotations. The present formulation is straightforward and, in addition — 


toits utility for studying the structural problem, well suited for comparing different : 
solution techniques of nonlinear equations. 


‘The prediction of snap-through loads is one of the crucial points in the — 
of reticulated structures. If it is necessary to trace the entire loading path, 
it will be expedient to resort to a combined strategy or to one of the three 
alternative methods described which overcome the singularity. But in practice 
the Newton-Raphson method combined with the extrapolation of the relative 
determinant is the most economical means to determine the limit point with 
sufficient accuracy. In this connection it is worth mentioning that the snap-through 
isa dynamic process, which implies that the nonlinear static equilibrium sya" 
are only valid up to the limit point. Hence, for practical purposes it is 
no means necessary to trace the loading path far beyond the limit point. vind 
__ Inthe prediction of snap-through loads it is apparently not possible to anticipate : 
the behavior of one structure from the calculated results of another, ae 


when nonuniform loadings and unsymmetrical stiffness occur. . Therefore, it is — 
imperative that designers of reticulated structures take these ully 
_ The results presented are believed to be helpful | for the appreciation of the 
strectural behavior of reticulated shells. The techniques given will be of value 
to to designers of similar structures. 


| 
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aren, 


of 
initial length of ss element KM; id 


= length of truss element KM of deformed ‘configuration; 
pee. = components of joint load vector ui ae 
force of truss element KM; 
generalized arc length; the dese cue 
wit rectangular Cartesian coordinates; 


x, loading parameter; 


e 
| 
The ollowing symbols are used in this paper: 
| 
The 
| 
€ = solution vector of incremental step. 7 
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The inelastic behavior and the of reinforced concrete 
_ frame-wall systems are investigated mathematically for static cyclic loads by 
replacing the structure by a system of idealized mechanical models. Three 
mechanical models that can be used to idealize the structure are presented: 
(1) A concentrated spring model; (2) a multiple spring model; and (3) a layered 
model. Each model takes into account inelastic behavior of a reinforced concrete — 
member. To demonstrate ‘the system, the behavior of a 10-story_ reinforced 
~ concrete frame-wall structure i is investigated through the use of these models. | 
_ The stiffness characteristics of each constituent member of the structure - 
determined by using one of these mechanical models and incorporating for that 
model either it its i inelastic ‘material properties o ora model. 
The logical extension of these models for u use in an of 
the response to earthquake is described elsewhere (3). 
When a ati concrete cantilever beam is loaded into its inelastic range, 
al end rotation and tip deflection can be computed from the distribution of 
~ curvatures along the beam by means of normal moment-area methods. A cantilever 
‘beam containing flexural cracks has a moment diagram and a distribution " 
curvatures along that member’s axis of the form shown in Fig. 1 (7). In Fig. 
L , = curvature due to elastic deformation, and o, = = curvature due to plastic 


"deformation. For computational purposes the actual distribution of curvatures, 
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Distribution Along Cantilever ‘Beam: (a) Beam: (b) 


ver ‘Curvature Di ion 


FIG. 2. —Mechanical Used in Investigation: (a) rated Spring Model; 


| 
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FRAME- WALL STRUCTUR' 


-b being subject to to some encestalaty, is s simplified by vastatea it by several linearized j 
- zones as shown in Fig. 2. The three mechanical models which are to be used 
to model the individual structural components are also shown on Fig. 2. _ 7 ~ae 
Concentrated Spring Model.—The concentrated spring model which is used 
_ is the one that Otani (6) developed based on inelastic action of a cantilever 
_ beam. This model consists of a flexible elastic line element over the beam > 
length, and a nonlinear rotational spring element at the restrained end of the 
: beam, as shown in Fig. 2(a). The nonlinear rotational spring models the hatched _ 
1 e portion of the idealized curvature assumed to exist along the beam. This model 
is applicable to beam and column members, because practically speaking _ 
point of contraflexure can be assumed to remain at the center of the member’s _ 7 
length during its response. This approximation is adequate even though for 
columns the contraflexure point of the ‘upper columns" tends. to shifted 
downwards, while that of the lower columns in the frame is shifted upwards 


Beam Model 


ss their midheights. latiad | of analyzing the cantilever model, however, an 
- model back i in the form of an end loaded simple beam is constructed 


FIG. 3. of: (a) Concentrated Model; Equivalent 


otk springs placed at each end. In webie for this simple beam to be morn 
- to structures involving wall systems, rigid links must also be added to both < 
_ ends. The configurations of the simple beam as well as the concentrated spring 7 


model are shown in Fig. 3. The rotational springs at points A’ and B’ take 


= as well as the normal inelastic flexural action over the beam length. The 
- flexibility matrix for the simple beam, which is a combination of two concentrated 2 
spring models, can be calculated by simply adding the flexibilities of the mga 7 
ps - Springs to those due to flexural and shearing actions in the flexible element. 
Z The instantaneous flexibility matrix [F] of the beam-spring system or 
the incremental external moments AM’, = AM’, to the incremental rotations — 


{ 
| 


The instantaneous flexibility matrix in Eq. 
SAMs) 


KAG rigidity wih Ka for shear deformation: a 
. = reduction factor (taken as 0. 5); | = length of the flexible clement; EI a 


S(4M“,) and f(AM’,) = = rotational flexibilities at the ends A’ and B’ 
_ from bond slip, plus any inelastic action that has occurred over the beam length 
the existing loading such inelastic action is concentrated primarily 


Totational springs. 


length, the effect of inelastic action as as it appears in 1 f, 0 on n the coupling term 
_ of f, can be ignored. An instantaneous stiffness matrix [k] can then be cee 


by inverting the instantaneous flexibility matrix of Eq. 2. Axial deformation 


can also be included. In incremental form, the final equation incorporating axia 1 


Although written i in this form it must be. kept in mind that the moment po 
relations are dependent on the level of axial force and so therefore are the _ 
7 - stiffness terms. The incremental forces and displacements at the ¢ ends of of the 
f rigid portions, A/, are related to those at the ends of the flexible element through ee 
the standard transformation matrix [7]. These local quantities are further related 
fe corresponding quantities in the global coordinate system by a second trans- > 


formation matrix {c]. TI The final resulting member stiffness matrix in global 


and on setting L = =(1+ I, for horizontal memb ed a how 


re 
7 
| 
— 
1 € counteriiexure point assumed to be at the -cemte 


lobotn effi ditw Wo 


‘ Multiple Spring Model.—The multiple spring n model i is equivalent to one studied — 

by Takayanagi This is a line element model composed | of a number of 
 eprings in series connected by rigid links. Each segment handles, independently 
of its neighbors, both the linear and the nonlinear action through the springs 
_ as shown in Fig. 2(b). This multiple spring model is applicable to members _ 
which are exposed to a more general moment distribution than the axisymmetric _ 

distribution assumed \ with the concentrated spring model. Each ‘Subelement 


of forces to which it is subjected and on properties of the member which the 
oer te models. These properties, however, are assumed to be constant © 
over the length of each subelement and concentrated at the spring. Fig. 4 —— 


ben 


ing 


the FIG. 4.—Multiple Spring Model od 


or, for ve 
‘Thre 
4 
| 
| 
if 
| 


the _ flexural rigidities as well as the moment distribution along the 

length o of a cantilever beam modeled by the multiple spring system. 
ps _ The method of analysis with this model uses the flexibility ‘matrix of each 
ee in conjunction with transfer matrices. Because, as used, the multiple — 


spring model has loads applied only at story levels, that model is considered _ 


herein as a cantilever beam subjected to forces applied only at the tip and 

= subjected to to any external forces” applied within the span length” L of the — 
matrix. [Fao] for the cantilever beam AB, shown in Fig. 4, is 


paler 

and and [E, = transformation ‘matrix to shift quantities from node jto = 


ths 
In Eq. nD le = length h of ‘the kth subelement of the model. In ‘Eq. ll, EA,, 
GA, and EI, = instantaneous ~ oe axial, ‘shear, and flexural rigidities 


in incremental form. 
In the application of this motel to structures a 
7 matrix is needed. The stiffness matrix [K,,] for the tip of the cantilever beam - 
is obtained by inverting the flexibility matrix [F,,] related to the b end of © 
“the member. The complete stiffness matrix of the individual member [K..] 


7 in which [F,,] ‘= flexibi ily Matrix Of element which is given by 
displacements U, of that point are obtained by 


ALL STRUCTUR 


The member end forces are setated to “ee member “ad displacements through 


a simple coordinate transformation. This matrix gives the stiffness characteristics 
_ fora story with the internal degrees of freedom condensed out. The final member 
stiffness matrix [K,,] is used in construction of the structural stiffness oon 
Layered Model.—The layered model shown in Fig. 2(c) is a | modification af 
ora alteration of the concentrated s spring model. Instead of the nonlinear rotational 
> spring being in the form of a corcentrated spring whose properties are integrated — 
_ sectional properties for the member, a layered cross section of length L, is 
mt assigned at the end of the cantilever beam. This layered section then is connected 
to an elastic line element covering the rest of the span. The length L, is chosen 
a as the region where major inelastic action is expected, as shown in Fig. 2(c). 
, The rationale behind the layered model is that the inelastic flexural action of 
+4 & cantilever beam is calculated explicitly. The basic behavior is derived from 
an over-all moment-curvature relation reflecting the various stages of material 7 
‘behavior of the concrete and the steel in } each layer of the layered s section 


om in the axial force. This model possesses advantageous chesnetedation 
for use in cases where members are subjected to a significant change in the © 
axial force during cyclic loadings (3). However, to include bond slippage in — 
a joint or at a support would still require that a spring be inserted before the | 
layered zone. Details of the layered model are described in Ref. 3. Its application | : 
did not produce any significant the concentrated spring 
"model, so it will not further 


: ‘ship for concrete is constructed from a parabola combined with a straight line a 
as proposed by Hognestad (4), while a piecewise linear stress-strain relationship all 


is for the reinforcing steel, as shown i in ie. 3. Based on these idealized 


ment- curvature is based o on geometry of the section and on assumption 
of a linear variation of strain through the depth. Using three values of moment— 

cracking, yielding, and ultimate—the general moment- relationship is 

idealized into three straight-line segments. = lo sen 

_ For the multiple spring model, this idealized quarter-cycle moment-curvature 

relationship i is used as the primary curve from which a hysteresis rule is developed a 
following the by Takeda, (10). The modified EI to be 


bd 1 1 ooTdinates in norma ashion y 
| 


a mere hysteresis rules. This is described in detail in a following section. oe 


For the concentrated spring model, displacement at the free end of a cantilever 
beam is calculated from the curvature distribution along the member length. 
force-deformation relationship is used as the primary curve in the 

development of the hysteresis rule. The inelastic deformation in later stages _ 

can from direct application the hysteresis 16, 
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] Concrete; 
iz rte: of the nature of the problem the analysis is required to predict unloading 
from an inelastic state and ry pie reloading back into that inelastic —_ 


a 
a 
| = strain on the envelope curve [Fig. 5(a)] at which unloading starts, and , § 


FRAME: -WALL STRUCTURES 


ST1 
- plastic strain remaining after all load has been released (2,8). Values for 
we dened by ( evecking point, « 


+ 0.13 


= 0.145 


“and €, determined, a “linear equation is used for unloading from point 


the envelope curve passing back to the €,, point. Subsequent 

follows back on the same line, t that i 


€ 


ich f,. = concrete stress at which the concrete strain is « o> ley 


_ Because of the uncertainty related to inelastic shear deformations of reinforced — 
_ concrete members, and the reduced role they play for this structure, such shear — 
a are calculated from the elastic shear deformation multiplied by 
a reduction factor a = 0.5. This factor takes. account of the. effect of nonlinear > 
| def ormations by simply reducing the uncracked shear stiffness. The shear ar rigidity or 


is then assumed to remain constant throughout the response sequence. — 


Rotation Due to Bono Suppace oF Stee. 


= 
= 
= 


splacement, D 


per: 
af 
.@g 
J 
4 
=a Ssuming that the rotation axis associated with bond slippage of the tensile __ 
i 4 reinforcement is at the level of compressive reinforcement and that the stress 
g 


to bar slip can be ‘expressed 8) as a quadratic function of the acting = 5 


of tensile ‘reinforcement is obtained from the idealized moment- rotation 


tone tules have to be created in ate to trace the inelastic behavior me 


tructural Wall 


ta ne. 7 Reinforced Concrete Frame-Wall 
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these models. The « d grading trilinear hysteresis rule of the Takeda model (10) 4 
is adapted here. The trilinear primary curve to be used in developing the rules 


_ is defined by three points: a concrete cracking point, a steel yielding point, _ 


and a concrete ultimate point. The primary curve is assumed to be symmetric 
about its origin. This rule changes its unloading stiffness accordingto 


‘|: columns aE columns 
= 
Bango For a wall, number of No. 2G wires per face: 1-No. 2G wire, diameter 6. 65 


, area 34.8 mm?. For beams and columns, number of No. 13G wires per face: 1-No. | 
G wire, diameter 2.34 mm, area4.299mm*, 


TABLE 2.—Assumed Materia! 


Measured value, in 


> compressive st a 42. 1 


Strain 
Strain at ultimate 


Steel reinforcement: 


strain at yield 0.00170 


strain at strain hardening [| 0.002 


= 
~ rule shown in Fig. 6; re = yielding deflection; D,, = maximum deflection 


‘in the direction of the loading; and a = constant taken as 0.5 in this study. 2 
“aan reloading curve basically aims at the previous maximum point on the — 


curve in that direction, 


TABLE 1.—Reinforcing Schedules for Structure FW-20 
a 
Material and property | Value 
- 
r 
— 


Proent wall structures. . The example structure to be analyzed (Fig. 7) consists” 
of two 10-story three-bay frames surrounding a slender shear wall. The its 
wall is placed, in plan, at the center of the structure. The particular model 
investigated in this i was one experimentally studied by Abrams (1) under 


sci “TABLE 3. —Stiffness Properties « of Constituent Members A, 


FLEXURAL RIGIDITY 2) 

FLEXURAL RIGIDITY 

SHEAR DEFORMATION UDED 

STEEL BAR SLIP INCLUDED 

CRACKING MOMENT (KN-M.) 

MY = YIELDING MOMENT (KN-M.) 


(1) WALL MEMBERS 


10-1 


NO, OF ELEMENTS FOR WAL 


22 
MEMBERS 
sti sp2 se MY pile 


7.18 1.32 0,049 0.027 


EXTERIOR COLUMN MEMBERS 
2 2,42 0.103 0.072 0.170 
12,83 2.92 0.149 0.090) 
59400, 16-54 0,090 


(4) INTERIOR COLUMN MEMBERS 


59400. B 93 060 033 ‘sir el 


7 
4 
| 
L EMBERS AND LENGTH OF ELEMENT 
i 
BEAM 
2 
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designation FW2, indicating frame-wall structure number 2. 


= 


= a vertical cantilever beam which is subjected : 


only t to horizontal loading. With the horizontal diaphragms joining the wall to 
the frames assumed rigid in their own planes, all the frames and the shear | 
_ wall at each floor level sway the same horizontal amount. 
_- The reinforcing schedule for the structure is shown in Table 1. Assumed 
er material properties and stiffness properties of the constituent members are listed 
in Tables 2 and 3. The frame structure is a symmetrical rectangular frame 
which i is being investigated for the case of antisymmetrical loadings. Therefore, — 
the contraflexure point of the beam, which is approximately at the center of 
‘the beam span, is assumed to be a rollered joint. The entire frame-wall system 
3 is therefore idealized as a plane structure composed of two components (Fig. 
8). One of these systems is the isolated wall. The second system is a substitute 
y f rame structure which models the two parallel rigid frames as a frame substructure. 


Wall Substitute- Frame & Wall 
Primorily Primarily Bending Equal Deflection at 
Mode — Mode Deformation Each Floor Level ©, 


The ines éeformésions that occur ur in core 2 thef frame are 
Geometric nonlinearities are assumed insignificant and are thus neglected in 
the analysis. The structure is assumed to be fixed to a rigid foundation at 


_ The stiffness matrix for the actual structure is accomplished by summing ; 
‘the individual member stiffness matrices [K,, J in proper order. The a 


the original ‘frames. force- -displacement relation of the structure is then 


| 


which } and (D,) = = force and displacement vec vectors of the 
. to both rotational and vertical motion; {F,,}, {D,} = force and displacement 
vectors of the wall for rotational and vertical motion; {A , } and {A ,} = associated — Bi 
stiffness matrices for the frames and the wall, respectively; and {F,,} and {D,,} _ “4 
} a horizontal force and displacement vectors for the combined wall and frame. 
_ Only external lateral loads are considered in this study. With no external — 
forces, and applied joint moments, static condensation in Eq. 20 for the vertical 
and [Ky } i is s the reduced structural ren matrix of size, » number of stories 
displacements that result from | a “given set of lateral loads ‘and a a 


instantaneous structural stiffness. In incremental form, this solution is vo 


= [Ky] “'(AF,)} 


4 


First, static cyclic load is applied to the 10-story wall “The ay. 
concentrated spring model is used for the frame members. The multiple spring 
model is used on the wall members. The load is applied in small increments : 
but retaining the same triangular vertical distribution pattern. The load increment - 
used in this investigation was | /50 of the maximum possible static load (maximum > 


base shear of 24.5 KN or to lateral load of 4.45 agua aur, ww 


4 Wall Yielding Starts 


O Column Yielding Storts 


—— & Layered Model 


Shear 


Top — Displacement (8) 


FIG. Base. Versus: Top- Story Displacement Relationships of Fw- 2 


Bose Shear (Q), KN 


i 
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FIG. 11.—Yield Mechanism for Structure 


: FIG. 10.—Redistribution of Base Shear Between Wall and Columns of Structure FW-2 -_ 
— —— | — — | 
ia 


Base Shear-Top Story Relationship. es depicting base shear 

“4 versus 10-story displacement as calculated for FW2 are presented in Fig. 9. . 


Over all behavior shows cracking starts at about the loading level of 2.0 kN 
base shear. The first yielding of the wall is initiated at a base shear of 10.3 
KN followed by yielding of the beam members. With | the yielding of the beam 
members, a gradual change in the structural stiffness occurs. 


of base shear at increasing load levels found from this investigation is shown 


_ Redistribution of Base Shear Between Wall and Columns. —The redistribution 
in Fig. 10. The distribution of base shear varies depending upon the a 
c characteristics of the constituent members at various times during the loading — ; 


process. Initially the wall is subjected to 78% of the base shear, this in the 
elastic - When cracking is initiated in ‘the: wall, then a smaller percentage ci‘ 


tex * 0.004 6-No. 13g 

N= 1780 KN (4.0 hips) — 


N 


kN-m 


nding Moment, 


ik 
Be 


of that shear is taken by the wall; more is transferred to the columns. The 
amount of base shear in the wall then changes from 78% starting value to 
68% when the wall yields at its base. There is then an “accelerated decline 
down to 32%. This bottoms out at the time when yielding begins at the base 
Yield Mechanism.—The sequence in formation of the yield mechanism for 
the structure is presented in Fig. il. When the ; computed bending moment — 
exceeds the yield moment capacity at the end of any constituent member, a 
yield hinge is assigned to that end (shown as darkened zones in Fig. 11). The 7 
segment of the wall nearest the base starts yielding first at a load of 21/50 _ ] 
(42%) of an estimated upper limit load. Then various beam members form hinges. 
_ Yielding of the beams begins at several intermediate levels then proceeds from 


"there into into the lower and upper levels. Finally when the first story column membe g 


| 
= 
4 
Axial force 
| 
hii: 


yield at the base | at 30/50 (60%) of the “estimated limit load 5 kN), the 


- structure forms a mechanism having reached its load capacity. The y yield zone ~ 
in the wall has propagated toa ao portion of the first story height. od 


members are expected to sustain the dominant ‘effect. The concentrated spring a 
model is used for the remaining frame members. Although the general trends 
_ in the axial force-bending moment resisting mechanism are simulated, change 


'. in the axial rigidity is is disregarded. A triangular shaped static lateral ote 


4 


_ is applied to the structure. The loading process is the same as applied to the 

_ Monotonically Increasing Lateral Load _—For the increasing lateral load case, 

“the base shear- top story displacement relationship computed for the structure 


FIG. 1 13. —Loading Path at Base of Exterior Columns 
_ is as shown in Fig. 9. Curves of displacement as obtained with the layered 
; model (solid line), along with that from the concentrated | spring model (dotted 
line), , are shown. The two curves are almost identical primarily ‘because the : 
a layered model is applied only to the first story exterior columns. The ~ 
using the layered model shows that the left column yields at the base at an 7 
early stage of loading, while the center and right columns do not yield at all 
_ during the loading process. On the other hand the columns using the arte 
spring ‘model all yield at the same point and at a later stage than the > layered : 
The moment-curvature re relationships established by the layered model are re shown | 
in Fig. 12. These are for cases when the member is subjected to constant — 


4 
4 
= = =8©6——s Wass: used to study the influence of changing axial force on the bending moment 
a. resisting mechanism of the column members. This is done for both monotonically : 
| 


applied axial forces. For the columns in the structure the | moment-curvature 
relationship of the layered section shifts from one moment-curvature curve with | 
its constant axial force to another moment-curvature curve with a different 
constant axial force in order to reflect the continual change in axial force. — 
_ The concentrated spring model’s primary curve is based on a constant axial a 
force of 4.45 KN. On the other hand, with the decreasing axial force, the slope 
of the moment-curvature relationship is shallower than that of the primary curve, | 
and furthermore the slope of the curve becomes negative after yielding occurs. Ree 
_ The concentrated spring model’s primary curve then positions itself approximately — 
as the mean curve between the stiffer and softer curves. 
al Loading paths at the base of the two. exterior columns are plotted for 


monotonically increasing lateral ood in Fig. 13. One column is subjected 


nes 14.—Base Shear Versus Top- Story Displacement Relationships of Structure FW- g . 


to decreasing axial force. In pes 2B siete path No. 2, for the sie section ie 

= 5.5 kN (dead load). The curve — 


“the ultimate branch of the moment-axial force interaction diagram. At this point | - 
- the edge of the column section crushes. After this crushing occurs, and if the | ze 
axial load is still increasing, the column cross section changes into another 
‘s- _ Cross section with the crush portion deleted from the original section. In such — ‘ 
oe case the - loading path turns inside taking on an arbitrary slope depending 
upon the section properties and loading combination. Loading path No. | is 
for the decreasing axial force case. It also starts from the level Nd = 5S. es 
_ EN (dead load). The curve decreases along a path symmetric with respect to” i 
| Nd : = = 5. 5 kN. Once Joading — 


q 
2, 
— 
g 
; i rises gradually, becoming flat when yielding occurs at the ends of the beams : 
_ Once the loading path reaches the vieldin line on its moment-axial force 
i 


- s ne range), the loading path begins heading toward the point of pure tension 
— One Cycle Loading.—The base shear-top story displacement relationship of 
4 “the structure subjected to one cycle loading is shown in Fig. ‘14. This entire 


moment-curvature hysteresis with | the 

_ are shown in Fig. 15. For the first one-quarter cycle of loading, the curves 
of No. 1 and No. 2 are the ame as the ones just described for the case of 

monotonically i increasing | load. ‘the next of loading and unloading, 


pal 
(2.0) 

Gapend 


my 


column layered section of No. 1 experiences a snap-throug- 

_ Because of computation difficulties for the structural analysis, however, this — 
phenomenon is modified by replacing the stiffness of the descending portion — 
bya small positive e slope. After this snap-through- -like phenomenon h has occured, a 
the column section again demonstrates stiffer flexural rigidity. How much | stiffer 
_ depends upon the level of axial force. The column denoted as No. 2, on the 
other side of the structure, then experiences similar relationships of a form — 


hat appears 


Va “ig? SV!, testy. Teal 


“Mechanical Models Used in sed in Study.- —The concentrated. spring ‘model for frame. 
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Pp and the m > multiple spring m model for wall members ne eS. 


effect of changing axial load does not significantly alter the over-all behavior 
of this structure. This is a consequence of the structure’s being errant 


of these members. 


Ne ENV-7422962. The support is g 
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INTERACTION Bt BUCKLING I IN I- [-SECTION | COLUMNS | 
‘ fou a deme! com 
Local buckling effects i in thin-walled I- section columns may cause premature 
overall buckling in some cases, while in others failure may be delayed well 
‘beyond the local buckling load. The type of behavior in the region of the local 


“al be load depends upon the ratio of the Euler buckling load, P,., to the 


local buckling load, P,, as well as on the type and ‘magnitude of geometric. 


_ Bijlaard and Fisher (2) were the first to study I-section columns in the post-local 
buckling range. They tested aluminum columns which had minimal geometric — 
ae and found that these columns buckled elastically in a flexural 


mode at a higher load than the local buckling load, when this load was less : 
than the Euler buckling load (as shown in Fig. 1). They | produced a refined 
= model based on the nonlinear membrane stiffness of the column section 
to accurately predict this behavior. Yor Dye 
_ For a column with geometric imperfections in the plate elements forming 
the column section, the bifurcation load for overall buckling may be significantly 
_ less than the Euler or local buckling loads, when these two loads are approximately _ 
- equal as ‘shown in Fig. 1. DeWolf, Pekoz, and Winter (5), and more recently 
Kalyanaraman, Pekoz, and Winter (10) reported tests performed at Cornell 
> University on steel I- columns manufactured by connecting cold-formed channels — 
back to back. These columns had plate imperfections, and buckled at loads 
: below t the Euler and local buckling loads when these two loads were approximately 
equal. . However, the findings of ‘Bijlaard and Fisher, that failure was delayed a 
_when the Euler buckling load was significantly higher than the local buckling 
— load, were substantiated. Kalyanaraman, Pekoz, and Winter produced an empiri- 
cal model based on the Winter effective width formula (17,18) which accurately ; 
predicted these test results. The Witter effective width formula is based on 
the strength of the plate elements, and only approximates their post- -buckled — 
"Sr. Lect., in Civ. Engrg., Univ. of Sydney, New South Wales, 2006, Australia. 
a _ Note .—Discussion open until June 1, 1981. To extend the closing date one month, 
a written request must be filed with the Manager of Technical and Professional Publications, 
ASCE. Manuscript was submitted for review for possible publication on April 3 , 1980. 
This paper is part of the Journal of the Structural Division, Proceedings of the a 
Society of Civil Engineers, © ASCE, Vol. 107, No. ST1, January, 1981. ISSN 0044- 
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influence on the flexural buckling of I- colemas. dy 
_ The writer (6) has used the finite strip method developed by Cheung (4) 2 
@g study the interaction between local and overall buckling of I-beams in the - 


7 linear buckling range. This method has been extended recently (7) to include 


the nonlinear stiffness of thin-walled column sections. In this latter study, | - : 


method was proposed for calculating the reduction i in the flexural buckling load 
of imperfect box and I-section columns in in the region of the local buckling» ire 


load. It was found for box columns, that y* reduction calculated using the 

_ finite strip analysis agreed closely with that calculated using the effective width | 
formula. _ However, for I-section the effective width calculations 


Euler buckling load 
bes 
(S) roel cow 
buckling load 
(Perfect column) 


int 


(Py) 


Bees very © conservative results by comparison with those using the finite 
In this paper, the study of I-section columns using the nonlinear finite strip 
analysis is continued. The results obtained from this analysis are compared. 
with the effective section method and the Cornell tests results. In a addition, 

a proposed design method for I-columns is presented and compared with | the r 


< 
| 
> 
oe 
= 
_ I-section columns are studied in this report. They are perfect column not 7 


a, The same analytical | procedure for calculating the overall bifurcation load, * 
P,, has been used for the three models. It involves the use of the effective — 
minor axis flexural rigidity (EI).,, of the I-section under axial compression in — 


wae 2 


By ie vhe carvalor>. 
Wiser 


rigidity i is itself a function of the load, the procedure 

_ for determining the bifurcation load for a given length of column is iterative. 

= Alternatively, the length of column for bifurcation all a defined stress ilies . 
‘determined b rearrangement of Eq. | as 


7 Remand rigidity El ‘of the I-section about the minor axis at a given load 
‘i A brief description of the procedure used in the three models follows. _ 


‘Fig. 2(c). Following buckling into the mode in Fig. 
at the point A in Fig. 2(c), the stress-strain curve for the section is given 
: the line AB in Fig. 2(c). Under increasing stress, the column may undergo 
_ a flexural buckle about the minor axis at a stress, F,, represented by the point 
b on Fig. 2c). ‘This stress is ba is based on the flexural stiffness of = cand 
The flexural “stiffness of the section ‘under minor axis bending upon 
_ the additional plate deformations produced by the bending. As shown in Fig. 
2(b), these additional deformations are different from those of the first local 
a mode of the section since additional compression increases deflection, 
_ whereas additional tension decreases deflection. The additional deformations 
are similar to those of the second local buckling modeo of the section. . Consequently, 2 
the effective modulus of the section under bending will be given by the slope 
tan ¢, at the point C in Fig. 2(c). This line is the stress-strain curve of the _ 
section deforming in the second mode of local buckling, with imperfections — 
equivalent to those which occur after the first mode of local buckling. Since 
, in Fig. 2(c) is greater than ¢,, the modulus for use in the effective flexural 


-‘Migidity i is higher than the modulus for use in the effective axial rigidity. _ y= 


_ Bijlaard and Fisher (2) produced analytical expressions for the effective flexural — | 


rigidity of perfect I-sections in the post-local buckling range. Their expressions _ 
depend upon the ratio of the local buckling stresses for the second and first 
local buckling modes. Their model did not include plate imperfections so that 
the flexural resistance did not decrease before local buckling. ‘at amomszaiqeit. 
Finite Strip Model.—The finite strip ‘nonlinear analysis of thin-walled column 


_ of Bijlaard and Fisher (2), the effective section model of Kalyanaraman, Pekoz _—if 
and Winte O) and the nite rin mode imperfection plate elemen 
fi 
£ 
‘There g. 1 can 
be determined directly by calculating the column bifurcation loads and lengths 
Straight column. axial of this column before local buckling is 
| 


sections with plate imperfections was described in detail i in Ref. 1. The method ; 
is | an extension of the a strip stiffness analysis developed by Cheung (4), 


involves firstly onde a ‘buckling analysis of a thin- -walled st section under 
axial compression, to determine its local buckling stress, and corresponding ~ 
_ buckle half-wavelength. The nonlinear analysis is then performed for a section 


equal i in length to the of the local buckle. The nonlinear analysis 


=" 


palo | > 
Plate “deformations Plate detormations AY 
under axial compression under axial compression & 
Sel) at & od) 
Stress-strain curve for flange outstands 


—Bijlaard and Fisher Model 


requires for its starting point the assumed geometric imperfection shown | in 
Fig. 3(b) which is of the same wavelength, as the local buckle. af Ca). gy d 

The I-section in this study was subdivided into 24 strips as shown in Fig. 

- 3(a). Each flange outstand was subdivided into four equal width strips, and 
the web was subdivided into eight equal width strips. Because of symmetry, 

_ it was necessary to analyze only half the section from the center of the web. _ 

Consequently, there were 50 nonlinear stiffness equations in the nodal line = 
+ displacements to be solved. ‘The postbuckling analysis involves solution n of the 


_ nonlinear stiffness equations at increasing levels of axial compression. An iterative 4 
~~ 


4 


solution was used and was regarded as converged when all the 


displacements, ; as well a as the longitudinal | compressive force, changed by less — 


: _ The ‘effective flexural rigidity was determined at each load level by icone 
_ a curvature to the I-section about its minor axis, and reconverging the solution. 
4 The maximum additional strain resulting from this curvature was chosen to 


be 5% of the axial strain. The resulting bending stress distribution was integrated 
to determine the bending moment caused by the curvature. The flexu 


2. was calculated by dividing the moment by the curvature. y 
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_ Section Model.—The effective section model proposed by Kalyanara- 7 
man, Pekoz, and Winter (10) involves calculation of the flexural resistance of 7 
the column under axial compression using the effective section. The effective 7 
section is derived “empirically using the effective widths of the individual | 
component plates as shown in Fig. 4. For the I-section, the flange outstands — 
_ as well as the web may be only partially effective. Winter (17,18) has proposed — 
effective width formulas for stiffened elements (Eq. 3), and unstiffened elements : 


| 


- — 0.298 
sections. The effective minor axis flexural rigidity of the effective section can — 
be calculated using its overall geometry, and the effective widths obtained from — 
_ Egs. 3 and 4 for the particular stress level, » Fax: The axial load can be adilided 
from the effective area and F,,, Thus, » a curve of effective flexural al rigidity 
versus load can be determined. 
In the application of the effective width formulas, it is ‘necessary to know 
be local buckling stress, F,. This stress can be determined from Eq. 5 provided 


that the local sheaan coefficient, K, is known 


Ka’ 


Per with one longitudinal edge free — the other simply 
the value of K is 0.425. For piates which are simply supported on both tonghadinal 


edges, the value of Ki is 4. 0. .. Mie 


appropriate value the foregoing. This was. demonstrated in Ref. 
6 where the flange buckling coefficients for an I-beam under major axis pending : 
-moment, was lower than 0.425 when web buckling predominated, and — 
“than 0.425 when flange ‘predom 


inated. 
i 
Square 1-Section of Uniform Thickness. - I- section in which ‘the web and 
flange thicknesses were equal and the flange width equalled the web depth, 
was studied using the three models described. The results of the study have 
been plotted in Fig. 5 which ‘compares the effective flexural rigidity of the 
section under increasing load. The plate buckling co coefficient K for this section 
is 2.6 based on the web slenderness (0.65 based on the flange slenderness) © 
8 Fig. 7.12), and the corresponding buckle half wavelength is 1.5 times the 
_ The Bijlaard and Fisher model was calculated using a flange buckling coefficient 
“for the second critical mode (with wavelength equal to that of the first critical :. 

mode) of K, = 1.81 (2, Eq. 2). The finite strip model was calculated 
the geometric imperfections shown in Fig. 5. The imperfections in the web 
were assumed to be the same as the buckling mode of a simply ee 
rectangular plate (i.e., sinusoidal) and those in the flange were the same as 
the buckling mode of a simple flange (i.e., , Straight). The imperfect flange and 
web were assumed to be connected at 90°, and the wavelength of the imperfections 
‘was assumed to be the same as the wavelength of the local buckling mode. 
The imperfection at the center of the web, at, wastakenasO.1f, a 

_ The effective flexural rigidity calculated using the Winter effective width 
_ formulas is also shown in Fig. 5 Om. 3 and 4 have been used for = 


| | 


--SECTION COLUMNS 


The finite strip solution lies close to, the Bijleerd and Fisher 
model as a result of geometric imperfections. The effective section curve is 


very conservative by comparison with the Bijlaard and Fisher, and finite strip, 


Cornell Tests.—The I- sections tested at Cornell Universit ty were all a 


channels back to back an epoxy. Consequently, 


Finite wre 
analysis plate 


are column Cornell column LCIr 


D=O.94B,tw=2ty 


Fie Fer a 37 


eer FIG. 5. —Ettective Flexural Rigidity Versus Load 
their web thickness was always twice their flange thickness. In the LC series — 


eae in (10), the b/t ratio of the flanges varied from 29.4-57.9, and the — 
of yield stress from 25.7 ksi (177 MPa)~33.2 ksi (229 MPa). The slenderness ratios — 
of the columns about their minor axes varied from 49.5-138 excluding the stub — 
_ The results of the LC series have been compared with the finite strip analysis — b 
and effective section method in Figs. 6(a)-10(a). The effective section analysis 


was calculated using the described Kalyanaraman, Pekoz, and 


| 
ost 
Tx q 
1 


: | Winter (10). As in Ref. 10, the effective section was determined using ig both 
- the effective width formulas for stiffened and unstiffened elements for the flange 


— Finite strip (a=0.1) SSRC 2 
— Effective section(EQ 4) SSRC 3 
Effective section(EQ 3) et al (EQ.3) 


> 
(a)Elastic ly (b) Design methods 


Finite strip(a=O1) 
Effective section (EQ a) 
--- Effective section (EQ.3) -—- Kalyanaraman et.al.(EQ. 3) 


Tests 


(a) Elastic models (b) Design 


the flange outstands of the ‘columns. These values were | 1.01, 0.99, 0.96, 
0.98, and 0.95, for sections LCI, II Ill, IV, and V, respectively. Kalyanaraman, — 
Winter (10), assumed that the wes was effective. ‘same 


4 

Ooutstangs. © Ciastic DUCKING COCITICICNL Values Which Were Caicula core 
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20 d 


an of local imperfections were not reported for the LC test series. However, 


The finite strip solution was calculated using an a of 0.1. 


5 


Finite strip (a= SSRC 2 


hot Effective section (EQ 4) 
Effective section (EQ 3 --—- Kalyanaraman et al(EQ 


(a) Elastic model (b) Design methods 
fective FIG. 8. —Cornell Column LCW(b/t=42.9) 


~ 


---- Effective 3) 


30 
measurements taken in an earlier test series at Cornell (UD i in Ref. 5) indicated | 
maximum plate imperfections of the order of 0.11. OF, replacing 
- Both the finite strip solution and effective section method agree closely with | : 
the tests. Ths finite strip solution —_ emt 1, generally lies closer to the | 
yi 


ST) 
2 
& 
im | 
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rc curve based on the effective width formula for stiffened rather than unstiffened 
a elements. The obvious question is raised as to why the two different analyses 

agree so well for the test sections, but not for the square I-section reported 
4 Fig. 5. To answer this question, the effective flexural rigidity for column — 


sh LC-III computed using the finite strip method is also shown in Fig. _ 


5. The effective rigidity for ok section LC-III lies well below that for — 


— 
_ The Bijlaard and Fisher solution also drops much more quickly for the column al 


section LC-III than for the square ‘I-column. The reason for this difference 
is a result of the ratio of the secondary to primary local buckling stress values. 

For the square column, the value is 2.78. However, for column section LC-III, — 
the value is 1.37. Since both the Bijlaard and Fisher model and the finite strip = 
_ model are sensitive to this ratio, the computed flexural rigidity for the column umn 
section LC-III decreases much more rapidly with in increasing load. 


— Effective section (EQ .4) 
Effective section (EQ 3) 


sign methods 


«FIG. 10.—Cornell Column LCV (b/1 = 29.4) 


a i The r reason for the small ratio of the secondary to primary li stress 
for the Cornell column sections is a consequence of forming the I section f from 


coefficient for this type of section is close to 1.0 in both the first and second — 
modes. Also, the wavelength of the primary mode is much shorter, thus decreasing 
the Stress value for the mode calculated using the same 


_ Existing Design Methods. —Currently the 1968 American Iron and Steel Institute. 
(AISI) Specification for the design of Cold-Formed Steel Structural Member 


| 
a 

i 
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and the Australian Standard AS1538 (1974) for Cold- Steel 


(16) account for the effect of local buckling on overall buckling by using a 
' Q-factor ——— The Q-factor is based on the reduction in stub column —— 


involves the use of QF, rather than F,, in conventional colema 
to determine | the maximum stress permitted on the full cross-sectional area. ait 
j - The value of Q is determined as the ratio of the effective to total areas” 
, of the section. For sections composed entirely of stiffened elements, it is based | 
on the effective widths given by Eq. 3 applied to the individual elements. For 
sections composed entirely of unstiffened elements, it is based principally on 
2 “the ratio of the local buckling stress of the most critical element to the maximum a 
_ permissible design stress. For slender unstiffened elements (b/t > 25), there 
4 is a small allowance for ‘postbuckling but this is considerably less than the 
r use of Eq. 4 would afford. It has been shown by Rang, Galambos, and Ravindra 
(14) that the existing design method is extremely conservative when compared 
with the Cornell tests of I-section columns. 
"4 _ Proposed Design Method of Kalyanaraman, Pekoz, and Winter. —A new design 
e 
the conservatism of the existing design m roles. The the effective 
* section of the column and either the Construction Research Council fo 
= column formula (9) in the region of inelastic column behavior, or the —— 
formula in the region of elastic behavior. The method is iterative since the © 
effective section is a function of the load in the column. 
rr The design method was compared (10) with the test results of columns LCI 
to V. The same comparison has been presented in Figs. 6(b)-10(b). In calculating , 
.* : the design method in this report, Eq. 3 has been used for calculating effective — 
widths. The local buckling stress values used in the effective width formula 
the same ones used in the section ‘‘Cornell Tests.’’ As concluded 
a Kalyanaraman, et al. their proposed ¢ design method produces an ace estimate 
Alternative Design Method. —The major disadvantage of the proposed design 
_ method of Kalyanaraman, Pekoz, and Winter is the variation in the effective 
section with the stress level. This variation causes the method to be iterative. 
_ alternative design proposal which accounts for the interaction of local and 
| overall buckling of thin-walled box columns was published by Little (12). The 
‘method is not iterative and was shown by the writer (8) to produce accurate 
wae of column strength when compared with the box column tests of . 
DeWolf, Pekoz, and Winter (5). The eae design proposal is based on the 


ie: The method uses two different curves over the full range of slenderness 
to o reflect the different structural behavior of stocky and slender columns with 
slender plate elements. The higher load value determined from the two curves 
is used for design. The two curves are shown in Fig. 11(a). They are curves 
2 and 3 of the Structural Stability Research Council (SSRC) multiple column 
Carve 3 of the SSRC column curves is used in the proposed design method — 
with the stub column strength, QP,, replacing P,, and QF, replacing F, in 
the formulation of the curve. _ Curve 2 of the SSRC column curves is used 2 


. ‘In the proposed design method with the lesser of the stub column strength, 


JANUARY 
QP,,, 
= F,. For the case whens Q > P,/P, as shown in Fig. 1l(a . curve 
3 is used for stocky columns and curve 2 is used for slender columns. For > 
/ the case in which Q < P,/P, as shown in Fig. 11(b), curve 2 is is used throughout 
the whole range of slenderness values. AQ rig 


wa 
Use upper curve 
at any value ofA 
Local | buckling (Pz) beter 


_ In the method proposed, the stub column strength is is taken as QP, i in which. 


section area is calculated using the effective | widths of all the elements in the | 
_ section. For simplicity, Eq. 3 with F,,, equal to F, has been used for both - 
_ stiffened and unstiffened elements. The Jocal buckling load, P,, is taken as - 
_ AF, in which F, = the value of compressive stress in the section at local neil 
as given by Eq. 5. oAt tor 


| 
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To. simplify determination of the 'SSRC cun curves, proposed by 
Rondal and Maquoi (15) may be used. For the cases in wee Bc or P, /P, ‘ont 


are less than unity, the equations become 


in N (BF,)/ and 8 = 0.15 Vp _For curve SSRC3: 


ve design width; 


mg 


This alternative method in in Figs. 6(b)-106) with 
: “the design method and tests of Kalyanaraman, Pekoz, and Winter. The alternative | 
method produces slightly higher design values than the method of Kalyanaraman, ; 
et al., for the ‘columns with slender plate’ elements (columns LCI, LCII), and 
slightly lower values for the columns with less slender elements (columns LCIII, © 
LCIV, LCV). In the intermediate range, the two methods are approximately > 


_ It should be noted that the Cornell tests were performed for columns which 


& a minimal out- -of-straightness and the end fixtures were adjusted to to produce 
concentric loading. Therefore, out- -of-straightness did not affect the test column — 
- strength. Thus, when lack of straightness is likely to affect the design strength | 
(such as for columns LCIII, LCIV, LCV), the method of Kalyanaraman, et ‘- 
al. i is likely to be too high. On the other hand, lower values are given by 2 
alternative method which is to be preferred. loot” 
The finite strip solutions of the problem of interaction of local and overall 
_ buckling of I-section columns in the elastic range were found to agree closely 
Ez “witht the Cornell tests. The effective s section method for predicting the interaction cr 
of local and overall buckling was shown to. be accurate for I-columns with — 
very heavy webs (for which the values of flange buckling coefficient were 
7 close to 1. 0), but overly conservative for more normal web geometries (for — 
which the flange buckling coefficient is nearer to 0.5). 
A simple design method was proposed for I-columns which are subject to | 
i both flexural and local nei phenomena. This method was shown to produce 


) 


of the Comell tests on columns. The ‘method 


is based on the Winter effective width formula, and the SSRC column curves. f 
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il. —Notation 


The} following symbols are used in this paper: 


A = full area of cross section of column; MONT RIVED. 
. effective value of A based on effective width of individual nein _ 
= flat width of flat compression element ex exclusive of fillets; 
effective design 
E = s modulus of elasticity; 
flexural rigidity of undeformed section; 
= effective value of EI in "a nonlinear range; 
= longitudinal stress; 
value of F for overall buckling; 
value of F for local buckling; etc ? Urs con 
value of F, for nodes 1, 2 respectively; 
maximum value of F at edge of simply wren — or = 
yield stress; 


bulge value of P for overall bucklin, 
b 
ad x = “vale of P for Euler buckling; 


value of P for local bucklin ef colons binges 


= _ maximum strength of column as given by design | formulas; feud 
A 


maximum of of imperfection divided by pl plate thickness; 
Konig Qor P,/P, as defined in Eqs.7 and8; 
Y= imperfection parameter in n Fa. 6; New 
Poisson’s ratio; and Xe: pater! Gloning date 
vos 1 L/r F, E) 
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TRODUCTION 0.375 = 1,28 


columns i is essential to the satisfactory response under seismic loading of many i" 
structures. In particular, a large Proportion of per bridge structures con- a 


of o one or more circular columns. Inelastic response of these bridge structures 
under seismic attack will invariably involve plastic hinging of the columns unless | 
mechanical energy dissipators are incorporated into the design. Although current — 
_ Seismic design philosophy for reinforced concrete frame buildings is directed _ 
towards ensuring formation of plastic hinges in the beams rather than in the ; 
c. columns, it is necessary to develop plastic hinges at the base of the columns 
to obtain a full, plastic mechanism. Circular columns are used often enough ~ 
_ in building frames to make their seismic performance a subject of some relevance — 
_ to structural engineers primarily concerned with building design. 
* a. It is now widely accepted that adequate ductility of column plastic hinges 
‘ can only be obtained if sufficient transverse se confining reinforcement i is provided : 
to confine the concrete core of the column, to prevent lateral buckling of the 4 
d longitudinal flexural reinforcement, and to provide shear reinforcement. During» <a 
_ the San Fernando earthquake of February 9, 1971 (9), failure of the columns 
: of several bridges and buildings could be directly attributed to inadequate 
confinement | of the plastic hinge ‘Tegions. However, the a amount and 


_Note.—Discussion open until June 1, 
‘a written request must be filed with the Manager of Technical and Professional Publications, — 
_ ASCE. Manuscript was submitted for review for possible publication on December 6, 
Ss This paper is part of the Journal of the Structural Division, Proceedings of the = 
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; 4 significant strength degradation is still a matter of some controversy. _ ae 
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Cove ‘Spinat ConFineMENT Provisions FOR ons ror Ducnury 
r research described in this paper was towands i 
_ investigation of the spiral steel content required to ensure adequate = 
of circular columns under seismic attack. In particular, the confinement peovieloes — 
of the draft of Ref. 14 were assessed. A simultaneous investigation of oo 
- provisions for rectangular columns was conducted in a parallel experimental 
study (7), which is reported | in a companion paper. Full details of the ‘study 
summarized in the present paper are presented in Ref. 13. = etre 
_ Fig. 1 compares volumetric ratios of confinement steei iebialeed for a typical 
1.5m (59-in.) diam circular column axial load and flexure 
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Imm -:0.0394in 


NZMWO 


SANZ (First aroft) ad vinc 


Wag 
at Lead Ratio owe att Yo 
FIG. 1.—Comparison of of Confining Steel Requirements ‘fer Column 
30 MPa = 4,350 psi; = 300 MPa = 43,500 psi) 


and confined in ence with American 3, and CALTRANS), Japanese 


(4), and New Zealand (10,14) requirements. In all cases, the volumetric confine- 


ment ratio, p,, ist related to the concrete core volume, and defined by the expression 


| 
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which A,, = mieten cross: area; = = diameter of con 


_ measured to ’ outside of spiral; and s, = center-to-center r pitch of aa It w 


‘ -.. seen from Fig. | that different codes of practice and design recommendations 


ys in large differences i in the amount of confining steel. 


1.25 A, 
in which Poe = , gross section area; Up - concrete core area, measured to outside 
- of spiral; fi = concrete compression cylinder strength; /, = spiral steel yield 
. strength; P. = maximum design axial load due to gravity and seismic lending; 
and P Mf Ay was not to be taken as less than 0.1. Fig. I shows that these 


result in lower confinement ratios than SEAOC values for P,/f’. A, <0.5, but 
na higher ratios at high axial load levels. Moment-curvature analyses of ‘typical | 


7 sections (12) indicated that the level of confinement provided by Eq. 2 and 
_ 3 was sufficient to ensure curvature ductility factors well in excess of 5, without 
a decrease in moment capacity greater than 20%. te 
The extent of confinement was based on the ACI requirements (2). Maximum © 
center-to-center spacing between spirals was not to exceed the smaller of (1) 
“4 One-fifth of the column diameter; (2) 125 mm (4. 92 in.); or (3) six times the 
_ On the basis of experimental results presented in this paper and a § general | 
reassessment of confinement requirements, Eqs. 2 and 3 have been modified 


in a second draft of Ref. 14 to read pencgiavenianemandianemet "aa" 


and p,=0.12—* 


ow ‘These equations provide some extra confinement at low load levels, and | 


compensate for the possibility of the actual value of f’ significantly exceeding 
the specified value, as will generally be the case. The potential plastic hinge 
‘length has been modified to take account of the greater spread of of plasticity 
under high axial load levels to give the following requirements: pe 


ForP,=<0.3f2A,—not less than the column diameter, or where the moment 
exceeds 0.8 of the maximum moment at that of the 


— — 1] — 0.375 + 1.25 Sey 


ay 
il 
‘ a 
4 
@g Design Code (14) are based on the American Concrete Institute /Stru 
__ Engineers Association of California (ACI/SEAOC) requirements, modifi 
_ take account of the axial load level. The columns tested in this progran 
ribed in bsequen ection desioned in accordance with 2 
@ 
y 
q | 
| 


— 


ok For P, > 0.3/7 A, —not less than 1.5 times the column diameter, or where /_ 
the moment exceeds 0. io) of the maximum moment at that end of the member. __ 
_ The center-to-center spacing between spirals remains as the aforementioned, _ 
except that the 125-mm (4.92-in.) requirement is replaced by 200 mm (7.9 in.), Bi 
= the grounds that adequate confinement of the concrete core penny 
with a diameter less than 1.0 m (39.4 in.) will be obtained with a maximum * 
spacing of column diameter/5S. Fig. 1 includes the requirements of both first 
and second draft of DZ 3101 (14). ‘ests Inoupsedus ai badtoash 
¢E Five octagonal test units were constructed, all with the same basic dimensions" 
of 600 mm (23.6 in.) diam and total height 3.3 m (10.8 ft), with longitudinal 


consisting of 16 24-mm diam Grade 275 = 275 MPa 400 


Lateral 
FIG. . 2- —Test Unit Dimensions (1 mm = 0. 03937 i in. ae 


bars, spaced around a circle. The unusually large specimen size 
was possible due to the recent installation at the University of Canterbury of & 
a 10-MN (1,000-ton) DARTEC electro- hydraulic Universal Testing Machine with 
_ 4-m (13.12-ft) compression ‘‘daylight.’’ The test units are 2/S5th scale models ; 
i of typical 1.5-m (59 in.) diam New Zealand bridge pier columns. The choice © 
of the relatively large-scale factor meant that reasonably large reinforcement — 
sizes and normal (i.e., unscaled) concrete could be used in construction. seat > = 
_ Fig. 2 shows test unit elevation and typical prototype and model section a 
dimensions. As will be seen from Fig. 2, lateral load was applied to a central i g 


stub at column midheight, thus producing the column bending moment diagram 


shown. Although this moment pattern does not duplicate the distribution expected | 
a Be bridge pier or building column, the two cantilevers, above and 


| 


2 
| 
£ 
4 
| | 


-_ was s heavily 1 reinforced and of sufficient height to ensure that longitudinal 
’ Zz yield would not occur in the stub except for normal yield penetration from _ 

the critical sections immediately above and below the stub. 
; _ With the dimensions as shown in Fig. 2, the models can thus be considered 7 

| represent prototype columns 6.0 m (19. 7 ft) tall, with a central point of 

contraflexure, or a M/Vd ratio of 2.5, taking d = 0.8 x column diameter, 


be which M and V = moment and shear respectively, acting simultaneously . 


_ The main variable between test units was the level of axial load applied, — 
; aa the corresponding amount of spiral confinement steel provided. Confinement 
= for units 1-3 were based on the requirements of the draft of Ref. 14, _ 
; for axial load ratios P. -[fcA, of 0.15, 0.55, and 0. 35 respectively, with assumed : 
concrete e compression and hoop yield strength of f7 = 30 MPa (4,350 psi), and 
TABLE 1.—Test Unit Details 


forcee | metric 
ment,” Diameter, ing, | ratio, 


Soom d,, in 
| mega- | illi milli- a per- 
pascals meters centage 
303 
303 
}- 
~ 


70% of 
307 


lag “Each had 16 deformed diam bars. 
"Deformed spiral steel; all other units had plain round spiral steel. 
Not 1 MPa = 145 psi; 1 mm = 0.03937 in.; 1 KN = 224.8 lb. 


= 275 MPa (40,000 psi), The unit 4 duplicated 
of unit 3 but with deformed spiral steel of specified yield strength /,, = 380 

_ MPa (55,100 psi), and thus a lower volumetric requirement for hoop steel (see ; 
Eq. 4). It was anticipated that the comparatively short yield plateau typical 

| sof grade 380 steel (/,, = 380 MPa = 55,100 psi) would result in more efficient a 
confinement as a result of early onset of strain hardening. Unit 5 was designed 
to the more stringent Ministry of Works and Development (MWD) requirements — 

5 (10) for an axial load ratio P,/f[A, of 0.35. Details of the size and spacing — 

of the transverse confining steel are “included in Table 1. 

= — steel extended 600 1 mm 3. 6 in.) from the column stub towards 
the Pitch of the spiral 


_ Actual axial load levels applied to units 1-4 were , based on measured concrete 
and hoop : steel strengths to give an exact balance between the provided volumetric 


| 
3 
| 
| 
age liz mega-— new- 
pascals tons 
28.4 1,920 ——_ 
on 26.6 4,300 300 


of confining steel and ‘that ‘required by Ea. magnitude of these 
a loads, and the ratio P ./f.A,, are included in Table 1. It will be seen ys 
that for units 1-3, the low concrete cylinder strengths obtained necessitated — 
g "substantial increases in the axial load ratio to provide the required balance 
__ Unfortunately, the axial load ratio for unit 2, at 0.737 (compare design level s 
_ of 0.55) resulted in a bearing failure in the concrete under the top axial load 
‘patten, and no meaningful results were obtained for this unit. The heavily-confined 4 
7 unit 5 was initially tested at the design axial load ratio of P, = 0.35f/A 1 ‘ 
then then subjected to a second stage « of testing at an axial load ratio of P, = 0.70f/ A, 
_ Typical stress-strain curves for the longitudinal 24-mm (0.94-in.) diam bars, 
a the 10-mm (0.39-in.) diam Grade 380, and 16-mm (0.63-in.) diam Grade 
275 spiral steel, are included in Fig. 3. 
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Cut from straight bar 
Cut from spiral 
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FIG. 3. —Typical Reinforcement Stress- Strain Curves a ‘MPa = = 145 psi) 
Of particular interest are the characteristics of the spiral pay which were . 
obtained cold-bent to the required spiral from a steel supplier. Samples were 

- taken from unbent offcuts from the reinforcing | steel used for the spirals, and 
from sections of bent spiral steel which were straightened before testing. Results — 
from both types of sample are included in Fig. 3. It will be noted that the 
cold working associated with bending the steel to the required radius of 275 
mm (10.8 in.), and then straightening, has eliminated the yield point and resulted =) 

_ in a significant stress increase at comparatively low strains. The 10-mm and + 
12 mm (0.39-in. and 0.47-in.) diam spiral reinforcement for units 1 and 3 exhibited 

= similar characteristics. Maximum strains resulting from the cold working were | 

3 calculated as 1.8%, 2.2%, and 2.9% for the 10-mm, 12-mm, and 16-mm diam 

spiral reinforcement, respectively. The process of straightening the bent spiral 

steel for testing will have provided some extra hardening, and it is probable 
that actual characteristics in the as-bent condition would be intermediate between 


: 
— | 
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This behavior has some to the peovided by by the 


ie spiral reinforcement. It can be expected that the gradual increase in stress with 

Strain past nominal yield will provide a better confinement than a stress-strain <i 
curve with pronounced and long apes ow Tt: should be noted that 
columns where the cold working is localized . at the corners. The very short 
yield plateau and rapid strain hardening of the 10-mm (0.39-in.) diam Grade 
380 steel of unit 4 should be noted. At a strain of 2%, the unbent steel has = 
_corresponding stress of 505 MPa (73,200 psi), or 33% above nominal yield. Yield 
strengths of all longitudinal and spiral reinforcement are included in Table 1. a 

é a Concrete was supplied by a ready-mix contractor, and specified to have San 

(0.79-in.) maximum aggregate size, a slump al 75 mm 0 in. and a target ee’ 
~day ‘strength of 30 MPa 43: 350 psi). 


Longitudinal s strains curvatures within the pla hinge zones on either 
= of the column stub were measured 7 dial gages attached to both ends — 


ac measured with dial gages, Py a large number of electric resistance strain Bt 
: - gages fixed to spiral reinforcement within the plastic hinge zone enable confine- 
and steel to ‘be monitored. Full details on instrumentation 


An initial cycle loading to approx 70% of theoretical ultimate load was was applied = 
in both forward (North) and reversed (South) directions. From the resulting — 

load-deflection plot, an experimental value for the yield displacement, 4a. was 
P - obtained by extrapolating a straight line from the origin through to the ‘peak 7” 

load/displacement point obtained to the theoretical ultimate load. For this 

purpose, the theoretical ultimate load was based on strain compatibility using 

the measured steel yield strength, Sy the unconfined concrete strength, f’, an 

‘nee concrete Strain of 0.004, and the ACI stress block for concrete in 


-* Deflection Behavior. —Load-deflection hysteresis curves are presented i in Figs. 


oo. 4-8 for units 1, 3, 4, and the two stages of testing unit 5, respectively. Included — 
a in each diagram are photographs of the state of the unit at B= = 4 (top _ 


show the extent of spalling. ‘Units 1 1, 4, and 5 , Stage 1, were subjected to 
4 the complete test program culminating with two cycles at » = 8. As mentioned, — 
“unit 2 su suffered an axial failure in the test t sequence, and 1 no ‘Tesults 


- displacement ductility factor of » = +2, +4, +6 and +8, unless eae hall d 
| the test unit caused a premature halt to the test program. 


failure ‘immediately outside the plastic region in the lower half the 
as the displacement was being increased from 4 to 6. Although 


Ds the high ‘axial load level of P= 0.9-A,, , during the second stage of testing, 


(act, 10) 


| ai 


FIG. 4—Unit 1: 1: P./ A, = 0.227 Load- Hysteresis (1 = 225 “if 
Ib; 1 mm = 0.03937 in. 


rey 


ky. | 
«FIG. 5.—Unit 3: P,/f’ A,= = 0.543 Load-Displacement Hysteresis Loops (1 
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resulted in a spread of compression steel yield beyond the extent of confinement. 
_ The increased spacing of the spiral reinforcement outside the plastic hinge region 

_ [nominally 120-mm (4.7-in.) centers] was too large to prevent eventual buckling - eek 
of the longitudinal reinforcement at » = 8 (see Fig. 8). It should be noted a 


FIG. 6.—Unit 4: P ISA, = 0. 387 Load- Displacement Hysteresis (1 = = 225 
tb; 1 mm = 0.03937 in. 


bes 
I FIG. 7.—Unit 5: P Sf. A, = 0.350 Load- Displacement Hysteresis Loops (1 KN - = 225 


| 
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that the spacing of - spiral re reinforcement of 120 mm 4. 7 in.) nn to 
_ 5 times the longitudinal reinforcement diameter, d,, which is less than the specified / 
maximum of 6d, required by Ref. for. err hinge 


upwards to correspond to a strength reduction factor of @ = 1.0. The ultimate 

horizontal load, H,, decreases with increasing displacement due to the P-A 
_ moment from axial load. It will be observed that for units 3 and 5, Stage 2, 

_ where the axial load level \ was s high, the effect i is very 


1 kN = = —" 

a is no indication of shear deformation sae in pinching of the loops. It will 
be noted that the ultimate loads p redicted by the ACI column charts are very” 

conservative, even though ‘etal for > = 1.0. This is particularly the case 

for units with high axial load level (units 3 and 5). _ Contributing reasons for 

the discrepancies are the conservative nature of the ultimate compression strain 

of €., = 0.003, _ adopted in preparing the ACI charts, increases in longitudinal _— 

"reinforcement stress due to § strain hardening, and an increase in concrete as 


reinforcement and the central column stub. Ultimate moment capacities a are 
_ explored in detail in a later section. 


Concrete Strains and Curvatures and Equivalent Plastic Hinge Length.— Con- 
- stant examination of the test units during early stages of testing enabled the ' 
"strain at which visible crushing of concrete first occurred to be identified. The 


-avera 


average compression strain at the. extreme a fiber over the 100-mm = 


| 
: . “7 horizontal load, H,, based on ultimate flexural capacity found from ACI column ac | 
charts (1) interpolated for the measured steel and concrete strengths and adjusted _ 4 
. strength degradation occurs on cycling to constant ductility factors, and there _ 
Ze | 
> 


(3. 9-in.) gage length adjacent to the center stub was calculated 
= from the dial gage readings and is tabulated in Col. 3 of Table 2. The minimum 
ve _ average crushing strain was 0.0074, well in excess of the traditionally adopted ! 
value of 0.003. First, crushing invariably occurred as the displacement was 
being increased to » = 2 for the first time, but significant spalling of cover 


concrete was generally delayed until the first displacementtow=4. 
Table 2 includes the average maxima compression strains, € measured at FP: 
_ the peak applied displacement over the first 100-mm (3.9-in.) gage length at — 
_ the outside of the confined core (see Col. 4). Average maxima compression 
i, strains exceeded 4.5% for all units except unit 3, which failed prematurely, 
and individual maxima, as distinct from the e average for each unit, were 
_ significantly higher, exceeding 8.0% for units 1 and 5. For comp comparison, +4 
_ maximum strains calculated in accordance with equations proposed by Baker 


2—Compreion Strains and Plastic Hinge Lengths 
First 
ble 
crush- 


3 
5, Stage 


5, Stage 


Average at = 4. 
5 and 6 of Table 2, respectively. It will be seen that the ae -igge values are 
_ very conservative when compared with peak experimental strains. = 
Typical curvature distributions over the Plastic hinges a at different ductility 


due to the random nature of flexural crack formation, ‘the distributions indicate - 
a comparatively short extent of plasticity. There does not appear to be a tencegey 
for the plasticity to spread as the ductility factor increases. 


in which 4, = the plastic displacement (beyond f first yield displacement, 4, mam © 


j 
| 
4 
_ Unit fiA, | ing | €. | Baker | Corley | ment | Baker | Corley | 4,/¢, 
| 0.24 =| 0.0074 | 0.056" | 0.0047 | 0.0134 | 211" | 25.45 
0.0110 | 0.026" | 0.0050 | 0.0131 | 207° | 295 | 
0.39 0.0094 0.048" 0.0049 0.0140 223° 235 | 295 | 
0.35 =| 0.0083 | 0.045" | 0.0084 | 0.0163 | 168" | 256 | 295 | 161° 
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, = the experimental average pene measured over: Ca 100-mm (3.9-in. > 
we lengths on either side of the central stub; and L = the distance from 


critical section to the point contraflexure. Theoretical lengths 


waar 


_ BOTTOM HINGE 


“Tor 


Pap? 

FIG. 9— 9.—Curvature Dis at t Peak D (1 mm nm = 0. 03937 in. ~ 

‘insensitive to the axial load level, and have an average value of about 0. 3 ~ 
times the column diameter. Both theoretical methods predict somewhat larger i 


hinge lengths than were measured. 


" 
a for comparison. The experimental plastic hinge lengths were comparatively 
- 
“tar 
| 


“Fig. 10 10. > = 4, the confinement strains are s are much higher 
_ compression (South) side than on the tension side, as would be expected. — 
At higher ductility factors, the plots are less easy to interpret as a result of | 
yielding of the North side gages under previous reversed-direction load d cycles. a 
a - Although spiral steel yielding due to concrete confinement occurred at — 


- 


required ; 


4 preci face are typically 
hie 
this jovatina siee) shear 
develop clower to the 


ro 
. 


C “stub 


«AIG. -10.—Spiral Reinforcement Confinement Strains at Peak Ductilities (T = Top; 


B = Bottom Column Half; 1 mm = 0.03937 in. Dy Ae 


= comparatively early stages for units 1, 3, and 4 (typically a at ys = =2), ae confining a 
_ action was adequately maintained by the yielding steel. The high volumetric 
ratio of confinement steel for unit 5 resulted in a reduction of yield excursion 

4 comparison with other units, but with no obvious overall improvement in 
performance. It therefore does not seem justified to design spiral reinforcement — - 
to remain elastic. Indeed, the fact that the heavily- -confined unit 5 still suffered 
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to the concrete. Because of the reduced expansion n of the critical column al 
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FIG. 11 —Spiral Reinforcement Shear Strains at Peak Ductilities (B = Bottom Half 
of Column; 1 mm = 0.03937 in.) 


ion, 
it may be inferred that the confining pressure obtained in the vicinity of the 
critical section exceeds that provided by the spiral reinforcement. This has 
some significance in assessing the ultimate moment capacity. ae 
= Fig. ‘10(c) indicates that yield of confining steel occurred for the full height 


a 
ad 4 


level of 0.7 Pigs ty , during Stage 2 testing. This re resulted i in eventual failure outside 
the confined region. It would thus appear that the length of column confined 
_ should be increased for columns with high axial load level. For units 1, +4 


of Ref. 14 has resulted ii in n excellent performance. Tt is s felt, however, “that the 
amounts provided represent a minimum safe level, as some straightening of 
the spiral steel between longitudinal bars was observed at high ductility levels, 
indicating high local spiral strains and incipient ‘buckling of the longitudinal 
feinforcement. To reduce this tendency, and to counter the extra confining 
- ~ required by unexpectedly high concrete strengths, the volumetric ratio of confining _ 
_ Steel was increased in the second draft of Ref. 14 as previously mentioned. — - 
is Spiral Steel Strains Due to Shear.—Spiral steel strains measured over the — 
lower plastic hinge at the East and West faces (90° from the loading axis) 
are plotted in Fig. 11 for units 4 and 5 at peak ductility factors. Note that 
_ the upper half of each diagram refers to strains recorded on the East face 
of the lower plastic hinge and are plotted thus to differentiate them from strains Be 


7 recorded on the West face. Maximum strains are typically obtained some 300 
- mm (11.8 in.) below the critical column/stub junction. It is apparent that above 
_ this location steel shear strains reduce, since a critical 45° shear crack cannot 
develop closer to the column stubs. Examination of Fig. 11 reveals that the 
reinforcement shear strains, and therefore the shear carried by the spiral steel, 
ss as ductility level increased, despite the approximately constant total 4 
_ shear force . Conversely, the shear carried by the concrete must have been 
‘degrading with increasing ductility factor, 
inctinetion of flexure- shear cracks to the axis varied between, 


Ultimate Moment Capacity.—As evidenced by Figs. 5-8, ultimate moment 
+3 capacities based on ACI column charts (1) led to very conservative estimates 
_ of ultimate lateral load. Although the enhanced flexural strength exhibited by 
the test units might be considered to contribute to better seismic performance, 
this will not necessarily be the case. For columns sized in accordance with 
ACI charts, maximum shear forces developed, which will be proportional to’ 
the enhanced moment capacity; these forces are likely to be seriously endesestis 
_ mated, resulting in a potential for shear failure, as occurred in unit 3. Perhaps" 
p even more important, forces developed i in piles supporting the pier will be similarly - 
Z underestimated, leading to the possibility of pile failure under seismic attack. 


_ Such failures are difficult to detect after an earthquake and almost wean 
It is well-known that confinement of axially- -loaded column sections by spiral 
or circular hoops results in an enhancement of the concrete compression strength =—s J 

due to the triaxial stress state developed. An average value of enhanced 


strength, f’., related to unconfined strength, f/ , and lateral confining pressure, 
iscommonly assumed(I1)tobe 


| 
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| 
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‘TABLE 3.—Ultimate Moment Capacities, in 


Concrete Strength, in 


4. 
a 
‘ta 
Note: 1 MPa = 145 psi; 1kNm= 8.85 kipin, 


Assuming the he spiral steel is at yield, an average confining Pressure may be 


‘Table 3 Col. 3, the unconfined ‘strength , and in Col. 4, ‘the 
_ theoretical confined strength f’.. | given by Eq. 9. Col. 5 lists the average con- z 
_ fined concrete strength assumed constant over the compression zone and based 
‘ on core dimensions only, necessary to provide an exact balance of —— 
- and predicted ultimate moments using strain compatibility, the average — 
fiber compression strain at maximum moment, and reinforcement 
7 stresses found from the complete stress-strain curves, including strain hardening. 3 
Because of the high strains obtained, substantial strain hardening of longitudinal © 
steel in both tension and compression occurred. It will be seen that 7 
experimentally-obtained confined concrete strength exceeded the predicted con-— 
fined value by between 12% and 26%, and exceeded the unconfined cylinder 
strength by between 36% and 1%. Tt is is probable that most of the increase 


extra confinement afforded by the central stub. This extra confinement will ’ 

occur in similar fashion at critical sections in bridge and building columns, 

due to the presence of pier or pile caps and beams. 
Z If distance from the -extreme- e-compression fiber t to neutral axis is c, and a 


expected to affect a a zone 1e extending about c/2 from the critical section. Because - ba) 


i of the comparatively squat nature of the columns tested, this is equivalent we 


to moving the critical section by up to 10% of the distance to the contraflexure 


Point. 
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CONCRETE COLUMNS 
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Table 3 also lists maximum experimental moment in ou y ad theoretical 


values obtained using four different analytical methods. Cols. 6 and 7 list ACI 
values (1) adjusted for @ = 1.0, and the ratio of experimental to predicted 
_ values. The minimum discrepancy of 23% occurs for unit 1 with the lowest 
axial load level, while the occurs for unit 
Col. 8 of Table 3 lists | the ultimate moments calculated, using an ultimate 
compression strain of €., = 0.004, the unconfined compression strength f’ , 
the ACI stress block, and : strain compatibility to calculate reinforcement stresses. 
The higher ultimate compression strain than used in the ACI charts is clearly 
justified « on the grounds of the measured crushing strains. Moments predicted - 
on this basis exceed ACI values by up to 24%, mainly as a result of increased 
steel stresses corresponding to the higher value of €., , adopted. However, moments 
Moments in Col. 10 were calculated as they were in Col. 8 except that the 
confined concrete strength, given by Eq. was adopted. It should be 
noted that this is not a strictly rational approach, because cover concrete, which 
is not confined, was included in the analysis and maximum experimental moments 
_ corresponded to extreme-fiber compression strains substantially in excess | of 
~ 0.004. Nevertheless, comparatively good agreement i is obtained with experimental | 
‘Tesults, with a maximum discrepancy of 
Col. 12 was calculated using a confined stress-strain curve for spirally- nfined — 
concrete proposed by the second writer and Leslie (12), based on axial compression Mf 
tests by Iyengar et al. (8). The curve has an enhanced concrete strength similar 
to that given by Eq. 9, a falling branch whose slope is dependent = the amount 
_ of confining reinforcement, and a final horizontal plateau at 0.2f’, considered _ 
to extend indefinitely. Fig. 12 shows the nondimensionalized curves for units 


3,4 and 5. The analyses assumed that all c cover concrete had ‘Spalled, cand 


Soul — 


were related to a peak compression strain of €., = 0.02. 4 
nee moments predicted in Col. 12 are still low, largely as a result of the : 


fj 


increased confinement from the central column stub, though it appears that 


# the slo slope of the falling branch may be too steep, particularly f fe or kc low ee 


@ 
except where noted 
| 
wae. 0.004, 
M M /M M 1M /M 7 7 
258 || (107 | | 130 | 957 | 101 
- & | 


@ to extreme- fiber compression strains. as s high a as 8%. The pr predicted s stress- strain 
curve for unit 1 (see Fig.12) would indicate a substantial drop in moment " 
capacity at this level of strain. The discrepancy between the measured maximum, 
-M,, and the theoretical M,, would have been reduced by between 9% and 


if the critical section had been taken as distance from the bey 


ae 4.—Ultimate Shear Forces, in kilonewtons, except where noted 


pascal x 


5, Stage 

Stage 

ield of 


a. 
“ 
vie 
eti ical Co in s-Strain | 


the: stub, as is Ss suggested i in the next paragraph. . The range of discrepancy would — 
> 14 in Table 3 was calculated based on core dimensions only using ‘the a 


value of given by Eq. 9, assumed constant over the full of Lal 


ec? 


_ fiber was that obtained experimentally at maximum moment. The ultimate moment = 
: capacity so obtained is considered to apply at a critical section separated f rom 


the junction 7 a distance — to f the compression block 


= ratios. Examination of the load displacement loops for unit 1 (see Fig. 4) tow 
| 
i 


by extrapolating the calculated ultimate moment to the columa / stub junction 
for comparison with experimental values. It will be seen that excellent agreement 3 
is obtained, with a maximum discrepancy of 5.0%. It is suggested that until — er 
- more realistic stress-strain curves for confined concrete subjected to strain 
gradients are e available, this method should be used for predicting overstrength 
capacity, adopting an ultimate concrete strain of 0.04. OF 
Ultimate Shear Capacity.—Table 4 compares shear forces carried by the 
% a concrete with values predicted by Refs. 2 and 14. Shear carried by the concrete 
has been calculated by subtracting the steel contribution from the total shear, . ‘ 
using measured steel stresses, f,, at p = 6 (see Fig. 11), and assuming a 45° — 
_ diagonal tension crack. On this basis, the shear carried by the spiral reinforcement, 
3; may be calculated from the expression = mode 


Ref. 14 adopts reduced concrete ‘shear capacity v within the plastic binge region, 


0 

in which all units are in megapascals a MPa = 145 psi). 13 


_ ar Outside e the plastic hinge region, equations in Ref. 2 for shear capacity are 


_ The ACI provisions do not differentiate between concrete shear capacity within — 
and outside plastic hinge regions. Two methods are listed. The first, given by 
Clause 11.3. 2, is. an approximate, and therefore presumably conservative v value 


‘in which ‘all units in (1 “MPa - = 145, 


42 


megapascals, which Pw 


zz depth (c/2). Over the end c/2 length, the moment capacity is further enhanced an 
he onfinine action o he stuh Momen isted in 4 were obtained 
— 
— 
a 
& ad 
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Predicted values of concrete shear capacity using Eqs. -15 | are compared 
b with experimental value in Table 4 4. The ACI values for predicted shear capacity — 
within the plastic hinge zone are also both ACI and DZ3101 predicted | values 
for the end region. Both the ACI and DZ3101 approaches are conservative 
_ for the plastic hinge region, particularly for unit 1 and unit 5, Stage 1. The © 
: conservatism is even more marked in the end region where the shear carried © 
by the concrete exceeds the value given by Eq. 12 by as much as 90% (unit — 
1). No strain gages were - placed on spiral reinforcement outside the plastic — : 
hinge region, so it has been conservatively assumed that all spiral steel was 
yielding in this region. The value for V. thus calculated, is therefore a lower 
4 It will be noted that the ‘‘exact’’ ACI approach given by Eqs. 13-15 differs 
markedly aon the “approximate” Eq. 12, and generally yield lower concrete 
| given 
by Eq. 14, ‘results in 1 Eq. 13 predicting values for v, v, “that are ; comparatively 
insensitive to axial load level until M,, approaches zero, whereupon v. increases 
rapidly towards the limiting value given by Eq. 15 for a comparatively small 
_ change in P,. - There seems little justification for this hyperbolic pare 
be between It is of further ¢ concern that the “exact” approach 
yet this was s the only u ‘unit t that suffered shear failure. 
__ The test results indicate that the well-distributed longitudinal reinforcement 
_ close-spaced spiral steel may significantly increase concrete shear capacity. 
Further testing is is necessary to investigate this effect. wager tin ci 
a Columns tested in this series demonstrated good stability of load-deflection — 
~ Joops up to displacement ductility factors of 8 for circular columns confined 
_ to the provisions of the draft of the New Zealand Concrete Code, though minor q ; 
increases in volumetric confinement ratio are desirable in a design situation | 
to allow for the actual in situ concrete strengths significantly exceeding the 
‘Specified value for f’. Spiral confinement reinforcement reached yield stress 
at a comparatively early stage of testing but continued to provide adequate 
"confinement as displacement ductility factors were increased. | The length of 
column confined should be increased when axial load levels are high. The tests 
indicate that SEAOC/ACI volumetric ratios of confining steel are excessive 
a low axial loads, and slightly unconservative at axial load levels higher than 
_ Flexural strength of the test units exceeded predicted values based on ACI - 
column charts by an unexpectedly high margin. _ This was due to an increase 
im concrete compression strength, resulting from the confining action of the 
spiral reinforcement and of a central column stub of increased dimensions adjacent 
to the critical section, to the maximum moment being reached at a high concrete | 
compression strain, and to strain hardening of longitudinal reinforcement at 
_ high displacement ductility factors. The increase in flexural strength was particu- 
for ‘high axial load levels, and should be considered when 


Maxims at the extreme- -compression fiber of the 


core were greatly in excess of values predicted by existing formulas, and in < 
oe units exceeded 8.0% without degradation of flexural capacity, 


strengths by large margins. There appears to be an in 
3 for the concrete ‘it of columns. = 7 
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of concrete core section to outside of spiral; 
= cross- -sectional a: area aof spiral reinforcement bar; 
= distance from extreme compression fiber to neutral axis; * 


Feinforcement (taken as 0.8 diameter, in this paper); 
» = diameter of reinforcingbar; 
= diameter of concrete core measured to outside 


concrete ‘unconfined compressive cylinder strength; 

concrete confined compressive cylinder strength; 

concrete lateral confining pressure; 

yield strength of longitudinal reinforcing steel; 

yield strength of spiral reinforcement; 

distance from critical section to point of contraflexure of member; oa 


maximum design axial load due to = seismic 


" Il 


average concrete stress corresponding to V 


= lateral deflection due to inelastic deformation beyond A. 


4, = lateral deflection at first yield, defined as deflection at intersection 7 


of horizontal line at theoretical ultimate load, and straight line from = 


a origin through point on load-deflection curve at 0.7 of el Lm, 


« ultimate concrete compression strain; 
displacement ductility factor = A/A,; 


= 
ratio of volume of spiral reinforcement to volume of concrete core, 


= strength reduction factor or 
curvature at first yield, with first yield in similar manner 


» 
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Appenvix I.—Notation | 
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Pls Seu. 
A, 
ar force carried by concrete shear 
ar force carried by shear reinforcement in truss mechanisms; oa a _ 
| 
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RELIABILITY OF STEEL BUILDINGS ‘UNDER Winps 


Kamal R Rojiani’ and Yi- ASCE whew 4 


in the development of a design contains uncertainty, absolute safety cannot hb 
be achieved. The evaluation of structural safety therefore requires a consideration — 
of the uncertainties involved in the mean wind velocities and wind turbulence, 7 
the conversion of wind velocity to wind force, the estimation of structural 
properties especially those pertaining to the dynamic behavior of systems, and 
the determination of the dynamic response of the system. In current building © 
_ code provisions for wind loadings the design wind speed is determined for 
a given return period based on the type and importance of the structu 
the dy namic effects of wind are accounted for by multiplying the static forces 
of by a gust response factor (1,14). Such procedures enable designers to select 
sd 4 design wind load rationally. Information on the effect of the foregoing 
uncertainties on the implied risk of failure of a structure designed i in accordance 
“with the code provisions is essential in providing a basis for the examination 
of the risk consistency of current codes and the determination of. eons 


_ The evaluation of failure probability requires a consideration of the various | 
failure modes, design method, and most important of all the uncertainties in 
i _ the loads, structural properties, and the wind climate parameters, and inaccuracies - 
7 in the load and Tesistance prediction models. A method for the | risk analysis 
of structures under winds whereby the effect of uncertainties can be included 
it 7 and examined systematically i is presented herein. The response analysis i is based 9 
= on random vibration theory. Uncertainties in both the loading and structural — . 


Asst. Prof., Dept. of Civ. Engrg., Virginia Polytechnic Inst. and State Univ., Blacksburg, 7 
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a 
eal 4 
am _ A principal consideration in the design of buildings and structures under wind _ 
q 
| 
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strength parameters are examined based on a a first- ‘order second- moment analysis 

b (2,4). Specifically, they are, for the loading, uncertainties in the extreme wind = 

distribution parameters, wind profile turbulence "spectrum and "correlation 
parameters, and wind pressure coefficient; for the structural strength, uncertain- 

_ ties in the mass, stiffness, damping and natural frequencies, and in the member | 

é resistances in various failure modes. For the evaluation of uncertainties in member _ 
resistances the factors considered include variabilities in section a 
_ material strength, fabrication, and errors in the prediction equations. Risks are 
- evaluated i in terms of the probability of failure for various safety : and serviceability 

- criteria such as excessive deflection and acceleration, first yielding of beams 
under flexure, first yielding, instability in the plane of bending, and lateral- torsional 


buckling of columns under combined axial load and flexure. = = © 


or Rewiasiuity ANALysis 


fer 


_ The probability of failure of a structure under w winds over its useful or | or design a i 
life T (usually taken as 50 yr) is formulated Yer 


in n which = = the probability density function of the ‘lifetime 
om mean hourly wind velocity; Pry» * = the conditional probability of failure § given” 
Vey, i.e., P(R < S/ V= v) where R = the structural capacity, and S$ = resultant — 
load effect. By assuming appropriate distributions for R and S, p,,, can be 
expressed in terms of the first two moments of R and S (i. e., the mean and 
_ the variance or the coefficient of variation). For example, if Rand S are assumed 


| 


4 which Pt, and », = the mean values; and o, and 0, = the coefficients of 


: Beles of R and S, respectively. The determination of these two moments 
"requires a systematic analysis of the uncertainties in the resistance and structural - 

- Strength parameters due to both the basic variability and modeling and prediction 
errors. The extended — model (2,4) is used as a basis for this analysis. " 

_ The evaluation of p,,,, from Eq. requires a of the distribution 
the lifetime maximum mean hourly wind velocity This distribution 


may be derived from the distribution of the annual maximum wind velocity — 

@, e. B.. a Type I or Type II extreme value distribution. Thus fun) depends — 
« the form of the distribution. Also, as has been shown by Simiu et al. (22) — 

sampling and estimation errors in the distribution parameters play an important 


s in the evaluation of probability of extreme wind and need to be taken | 


The effect of such e in the param U and A of the annual maximum - 


j 
| 
| | 
4 
— 


wind velocity distribution is included by treating these. parameters as os maton 


in which the Type I extreme 


— value distribution of the annual maximum wind velocity conditional on U = u 7 
and A = a; and fua(us a) = the bivariate normal density function 1 of U ai and : 


A with ‘distribution parameters estimated from data and explicitly dependent 
oy on data sample size n (20). Therefore, for a given set of annual extreme wind 
data, S depends explicitly on T and n, e.g., a smaller would result 
ina higher probability estimate. The conservatism needed in the face of insufficient 
This study is primarily concerned with the analysis and assessment of 
uncertainties underlying the determination of the resistance and wind load effects _ 
_ and the evaluation of conditional probabilities of failure for a given wind velocity. _ 
Details of the analysis and evaluation of uncertainties in the estimation of the 
parameters of the extreme wind distribution are not given | here but are Snell 


4 
> in Refs. 20 and 27, 
Anatysis of Loans ano Loap Errects 


_ The total load effect ata critical ‘Section © of a structure | under a severe e wind 


in which S,, S,, and S,, denote, respectively, dead, live, and wind load effects. 
The statistics of the dead and live load effects can be determined based on 
bs The description of the effects of wind involves the prediction of the « occurrence _ 
_of the various maximum wind velocities at the particular site and the modeling — 
and analysis of the wind load effects corresponding to the given wind velocity. : 
- section is concerned with the analysis and assessment of uncertainties J 
a underlying the determination of the response and the wind load effects corre: | 
sponding toa prescribed wind velocity. The structural properties are 
as random variables and it is assumed that the response of the structure is 
linear. a given wind velocity the wind load effect S,, can | be 


in which W, = static wind effect due to the mean wind velocity V; and 


W, = dynamic wind effect due to the fluctuating component. The dynamic 
response of the structure to . the fluctuating « component of of the wind velocity 


is obtained from a random vibration analysis. the 
The static wind load is given 


in which Cws = -=an influence coefficient that t transforms the Static aie anal 


| 
| 
| 
| 
— 
| | 


— — 

coefficient; and a = the power law exponent that varies with surface cognaees, 

_ being typically 0.4 for city centers to 0.16 for open country exposure. The 

_ mean and variation of of the Hao 


“tainty to the static is to te same 
as for dead and live load effects. Uncertainties in W, depend on terrain roughness, 
being greater for structures located in rougher terrain (such as city centers). 
_ The uncertainty in V, is not included in Eq. 9 since it has already been included © 
— due to Fluctuating Wind. _—Existing procedures for the statistical 
‘evaluation of the dynamic alongwind response (1,10,14,21,24,26) are based on 
_ random vibration theory which recognizes the probabilistic nature of the wind — 
forces. In all these procedures the structural properties and the wind climate | ; 
parameters are assumed to be deterministic. A method is presentedinthe following 
for computing the statistics of the maximum response whereby the effects of bo ‘ 
uncertainties in the structural properties and wind climate parameters can be 
_ If the structural properties and the wind climate parameters are assumed 
to be deterministic the maximum dynamic response over a duration ¢, can be 


d 


-inwhicho, = the root- -mean- response; and v,, = apparent 


(11) 


in which = the displacement variance in 1 the ith mode and =a modal 
influence coefficient that transforms the displacement in the ith mode into the | 


the desired load effect; and Pt yerepressure atthe top 
A 
é 
of = 


wind profile, , correlation p: parameters, s, and pressure coefficient), i.€.,0,,=0 7 

o,, = @,,(R) in which the vector R denotes the aforementioned structural and 
wind environment parameters. In reality most of these parameters are not known» 
exactly, i.e., there is a considerable amount of uncertainty involved. Therefore, 
R needs to be treated as a random variable; consequently, o,,(R) and o ‘s (R) 


vii 
are random variables. The functional dependence ofc, these 


,(R) =f(C, ,a,k n* wigan Ww. bisit 3) 
in whi ch C, wind pressure a= power claw exponent; surface. 
drag coefficient; C,, C, = coefficients in the expression for the across-wind 
cross-correlation; ¢ = damping ratio (assumed to be the same in each mode); | 
and n* and M* = ra andom variables” with means equal to 1.0 and coefficients . 


= My? respectively, n being the natural frequency 7 


_ in the ith mode and M, the mass concentrated at the kth story level. 
bas 


_ The statistics of W,, the maximum dynamic response, can be enamee | send 


a first-order approximation ee 


nv, (R)t, + 4 
V2 In v AR te = foidw 


a | 


Or + (0.15)? (16) 
\ OR, /p al 

in which R, and wind environment parameters; TR,» TR, = standard 
deviations of R,, R,, respectively; = correlation between R, and R,; and 

()p indicates that the function and its derivatives are evaluated at the mean 

values of the parameters. A prediction uncertainty of 0.15 is ascribed to the 
error in the method of analysis. one. asiut 

- Analysis of Uncertainty.—For the | purpose of uncertainty analysis the variables — 
in Eg. 16 can be divided into two groups:.(1) Those which define the dynamic a 
Structural properties (e.g., mass, stiffness, natural frequencies, damping) and a 
aC?) those which represent the wind environment (e.g., the power law exponent, . 4 


R, 


Uncertainties in Dynamic Structural Properties o bas A 


Mass Matrix.—The total mass of a framed building may be idealized as lumped 
masses concentrated at the floor levels. Expressions for the statistics of the Jf 
, _ mass” M, concentrated at the kth story level in terms of the dead and live Y 
 Joad statistics have been developed by Portillo and Ang (18). Their results indicate 
“that the floor masses can be assumed to be perfectly correlated with equal 


of variation Qn .= = = 0.12. 


| 
| 

j 


3 Stiffness Matrix. —The —_— matrix of a a structural s system is obtained from < 


_ the stiffness matrices of its elements. The ijth stiffness coefficient of the system : 
K, can be as bas ant! baiw 


in which EJ, = flexural rigidity of the Ith penne connecting into the ith lot 7 


and C, = constant. Uncertainties in K,, arise due to uncertainties in the flexural 
= EI and errors | in the formulation of the stiffness. If it is assumed that 
he flexural rigidities of the members are perfectly correlated (18) then the — 


Statistics of coefficients can be obtained from 


‘The bias and prediction “uncertainty in the stiffness coefficient are ti taken as al 
1.0 and 0.20, respectively (18). 
Natural Frequencies.—For deterministic mode shapes mean of the 
ith natural frequency n, can be obtained from the mean values 0} of the mass 


and stiffness matrices. The coefficient of variation | n, is ee ee 


07, = 07. = +— Oy. +04. » 


in which A, = additional uncertainty ascribed to the estimation of n , reflecting . 3 


the influence of nonstructural elements, soil structure interaction, etc. A value 
of 0. 10 is assigned to Thus, 2, = V0.10? + (1/4)(0.12? "+0. 227) = 0.16. 


‘Damping.—A study of test results on damping of 25 steel buildings (ranging 7 
from 100 stories to 25 5 stories) was conducted (19). Of the 48 damping values — 
for the first translation mode, 37 were obtained from forced vibration tests. 

From an analysis of the data the mean value and coefficient of variation of 


(were found to be 1.90% and 0.66, respectively. It was found that the mean 


= 


to be any definite relationship between damping and natural frequencies. This 
agrees with the findings of Ref. 18 in which 135 test results on full scale structures 
for a variety of test procedures were analyzed. In this study a mean value 
of ¢ equal to 2% of critical will be used. Since there could be a significant — 


error in this value, a poodicticn uncertainty A, of 0.25 wil be assumed (18). 


Thus, the total uncertainty in { is = V 0.25 * + 0.667 = 0.70. 
Uncertainties in Wind Parameters gatb 
Terrain Roughness Parameters.— The influence of surface roughnessis reflected 
in the surface drag coefficient k and the exponent | of the power law profile 
B es Uncertainties in k and a arise from the assumed values of k and & and Sy 
are essentially predictive errors. of the errors A, and 
Preseure Coefficients. — — Pressure cocfficients are tobi 
tunnel tests or full scale measurements. As full scale measurements are limited, e | 
the usual practice is to rely upon the results of wind tunnel tests. In 


to estimate the uncertainty in the determination of the | poensare coefficient ee 


| | 
gg value of { increased with the level of excitation and that there did not appear _ } 


Various points on the structure obtained from measurements on "full scale” 
structures were compared with the pre pressure coefficients of corresponding. points 
in the model. From a study of 44 sets of data (5,6,15,16,17) the statistics of 
. C,,,» the pressure coefficient for the actual or full scale structure, for a as 
value of the pressure coefficient obtained from the wind tunnel test, C, alle® 


obtained by a regression analysis as ban rl Yo 
The results seem to indicate that wind tunnel tests tend to underestimate the ¥ 
pressure coefficients slightly. The correlation between the two sets of measure- 
ments (p = 0.94) is however high. 


Variable aula, bel Uncertainty 


= drag op we vd 0.20 


of 

Pressure coefficient, We 


“Varies with mean value with a standard deviation of ~ 0.10. 


_ Exponential Decay Coefficients. .—The cross-spectrum of ‘the 


tuating velocities at two points may be expressed in the form 


ing in which Fis x = coordinates of points 1 and 2 ina plane perpendicular 


to the direction of the mean wind = horizontal gust spectrum, Davenport 


uy My 
sion 


. Based on wind tunnel measurements, —- 
= 8 nd C, = 20 have been by Devenport (10). It appears, however, 


=. from wind tunnel tests a comparison of the results of tests made on models — 
in wind tunnels with full scale structures was made. Pressure coefficients 
4 
4 
ra 
a 
a 
L 
of C 
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the ex; exponential 4 coefficients depend on the surface condi- 
tions, the height above ground, and the wind speed. The dependence of Cc, 
and C, on these factors is insufficiently documented and represents | a source 
of uncertainty. Estimates of the uncertainties in C, and C, are Q. = 0.25 and 
OQ. = 0.30, respectively (19). A summary of the uncertainties in ‘the various | 
structural properties and wind environment parameters is given in Table 1. “—- 
In computing the Statistics of the total load effects due to the combined | 


; 4 In this study failure probabilities are evaluated for \ varions safety and service- — 
ability criteria. Risks of unserviceabilities (i.e., excessive deflections and accelera- 
tions) are developed assuming that failure occurs when the deflection or 
acceleration exceeds a certain specified value. For safety criteria, failure — 
probabilities are e evaluated | on the basis of first yield. To evaluate th the failure 
probability, a systematic analysis of uncertainties in the member capacity for ‘ 
a potential failure mode is required. For example, the probability of failure 
q of a column at a critical section of a be expressed 


bea 
4 in which U the union of events: 6, > l represents failure yielding 
at the ends; 6, > 1 failure by instability i in Gs y of bending without twisting; © 


q 


8, = — + ————__... 


In the expressions P= load; M M,, = moments; 
P, and M, = axial and flexural capacity; P., = critical axial load; P, = Euler 


- buckling load; and M., = critical moment for lateral torsional buckling. The 
Statistics of 6, can be obtained from = statistics of the various random variables’ 


q 
x = 100 O Cad, UVe, and Wind 10ads Il IS assum a ese ares aus 
|___independent. In general, the static and dynamic wind load effects W,andW, | 
uld be correlated (parameters a and C, are common to both W, and W,). be > — 
= 


of 6, the following. ‘assumptions were “made | the correlation between 
i. the various random variables: (1) The applied load P and the applied moment 
- Mare statistically independent (18,19). This assumption is reasonable in situations — 
_ where moments and axial loads are induced by different types of loads and 
wi the correlation between the load effects of different loads is small. (2) The ae 
effects are independent of the | member resistanc The statistics of 
for are obtaine 


Ve 


by section. For steel eel sections ‘the between P, and 
thy} agi 


Resistance Uncertainty 

Yield moment, ,M, 

Yield load, P, | 
Critical axial ‘capacity, P 
Euler buckling load, 

Critical moment, Ma 


Om, is about 65-70% 5 (19). The Statistics of 6, 6 3, and @, can be obtained 7 
7 bya a procedure similar to that used for the | evaluation of the statistics of ‘.- 7 
_ The bias and prediction uncertainties in the prediction equations were obtained _ 
by comparing the predicted values with the values obtained from experiments. _ 
_ The exact evaluation of reliability using Eq. 24 requires lengthy numerical 
si since the failure modes are re interdependent. In this study upper and 


3 incorporates the effect o of the dependence between ‘the s various failure modes. “al 
a a _ Analysis of Resistance.— Uncertainties in member resistances (such as the yield © 
‘moment M,, yield axial load P,, critical axial load P.,, and the critical moment > 

g lateral ‘torsional buckling M., ) are required for evaluating the statistics of yr 

the structural strength in the various failure modes. The factors considered _ 
in the analysis of uncertainties in member resistances include variabilities in 
section properties, material strength, fabrication, and errors in prediction equa- — a- 
— tions. Uncertainties i in the various member resistances are summarized i in Table 
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| 
AS an iustrauon Of the procedure consider me critical axial 10ad capaci 
which the Column Research Council formula as (13) 
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1.—Plan and Elevation of on of Structure Considered 
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213 
in which C= = (KL/r)(1/n)V F,/Eis the , slenderness ps parameter; 
= 7’ EI is s the E E = modulus of elasticity, r rill 
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Probability of First Yielding 
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é —Probability ty of First Yield of Seome | in 15th weed 
of gyration; and KL L= — effective length. The mean value and coefficient of 


3) 
~2 
— — — — — — — —— 
wee 
a 
«B= (32) ‘4 


The bias and prediction were evaluated from an analysis 


of test results (19) as 0.94 and 0.08, seapectively. The uncertainties in the other 


= 


_ 
40 50 60 70 80 100 120 — 
Velocity Vo (mph) 


AIG. 3. Probability of Columns: 10th 


"parameters are = 0.03, = 0.06, 2, = 0.03,0, 


(19). It can be : seen from Eq. 33 that the uncert 
slenderness parameter \. 


— — — — — — — 
to 
ainty in P,, is a function of 


1 STEEL BUILDINGS 
The) reliability of a multistory steel structure designed in accordance with 7 
. the provisions of the AISC code (23) (using working stress design) is evaluated e _ 
in terms of the calculated probability of failure. The primary objective is to _ 


determine what risk levels are in current designs. Risks of 


= 


of Failure 


for the Velocity Vo (mph) 


— ore mek “wind The ‘eifcet of 
7 various safety and serviceability limit ssies: are evaluated at critical sections 
of the building. The building considered is 306 ft (93 m) high, 75 ft (23 m)_ 
: by 125 ft (38 m) in plan, and has three bays in the wind direction as shown 


in Fig. 1. The wind loads, live loads, live load reductions, and the panel size. 
were selected as those used for typical office The 


“a 
A 4 
| 
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. height of the structure and the displacement was calculated due to primary — 


» 


wind moments only. Per woteitium ‘8 to 


Probabilities of first yielding in flexure of the beams at the 15th. story level ; 
. ‘for a given wind eae due to the combined effect of dead » live, and wind 


_|---3 modes | 


10 20 30 40 50 60 70 80 90 100 110 120 a 
FIG. 5. —Probability of Excessive Accelerations ide 

‘beams and the interior beams are generally greater than for the left exterior 

beams. In the high velocity range (V, > 90 mph) failure probabilities are fairly 

constant at all story levels. For lower wind velocities failure probabilities for 

the beams at the upper levels are significantly greater (e.g., 10 -’-10~* for the 

story beams) than at the lower levels: (e. less t than 107" for the Is Ist 

_Upper and lower 


216 
| 
lo he lateral dicnlacen was limited to 400 where H is the tota 4 
< 
7 
4 


at high wind velocities. ‘This is due | to the fact that at a given wind = 
_ there is usually one dominant failure mode. This can be seen from Fig. 4 where | 
_ probabilities of failure in the various modes [P,(6, > 1] are shown for the _ 7 
story right interior column. From this figure it can be seen that for high | wind 
. 4 velocities there is only one dominant mode of failure and there is several orders — 
_ of magnitude difference in the failure probabilities obtained for the two primary 
a failure modes. A similar trend was observed for the columns at the other levels 
- although the dominant failure mode was different. These results account for 
‘the close upper and lower bounds obtained. A comparison of failure probabilities __ 
of beams and columns indicates that for high wind velocities the probability 
of failure is generally higher for the beams (107 *0. 95) than for the columns 
(10 ~’-10~“). Probabilities of exceedance « of acceleration levels of 1.5% g and ~ 


Sie TABLE 3.—Uncertainties in Various Failure Modes 


Failure mode + live 

« op 
18-0.35 


TABLE 4. 4.—Uncertainties in in teed 


% g are shown in Fig. 5. Also shown is the influence of the number of modes — 
on the probability of exceedance of these acceleration levels. It is seen that 
calculations based on only the fundamental mode give a ogee approximation 
for the exceedance probability. 
~ Uncertainties in the various failure modes and load effects are summarized > 


_ in Tables 3 and 4. The major contribution to the uncertainty is due to uncertainties 
in the structural properties and wind environment parameters. The effect of 
parameter uncertainty on the overall lifetime risk was examined by evaluating _ 

_ probabilities of first yielding of beams assuming that the structural properties, — 
| - wind environment parameters, and structural resistance are known. Results « of 

’ the analysis indicate that failure probabilities obtained when uncertainties _ 7 


the structural properties and wind environment parameters are included —- 
typically five times greater than the values obtained when these uncertainties 
neglected. When the calculated risk small there there is several orders 


4 
q 


_ to dead and wane load are compared with those due to the eatihinad effect 
of dead, live, and wind loads. The uncertainties for the latter combination are 
greater. Thus, uncertainties in the structural properties and wind environment 
parameters have a significant effect on risk and cannot be neglected. 


Lifetime failure probabilities for first yielding of beams in flexure and upper — 
> “bounds on the lifetime failure probabilities of the columns are presented in 
team 5 and 6. These failure probabilities were evaluated for a life T= 50 


TABLE 5.—Lifetime Probabilities of First Yielding of Beams in or 


D+L+w 
me x2 = & (7) 
0.8063 x 107° | 0. . * | 0.7821 x 107° | 0.8063 x 107° 
0.4981 x 107? | 0.2537 x 10~' | 0.4270 x 10~* | 0.7189 x 107? | 0.4981 x 107? 
0.4127 x | 0.3521 x | 0.7372 x 107° | 0.1234 x 107' | 0.4127 x 
0.6914 x 107” | 0. | 0.6914 x 107’ 
0.3260 x 10~* | 0. . . 10.3260 x 107° 
0.1471 x 107"* | 0. > 10.1471 x 


if TABLE 6. —Upper r Bounds on Lifetime Failure Probabilities of — a 


+L+Ww 4 

0.1106x 10° | —* — 0.6270 x 107") 0.1261 x 10° | 0.5674 x 10~° 
0.4483 x 107° | 0.3809 x 107° | 0. 10.1131 x 107* [0.1391 x 107° 
0.5074 x 10~* | 0.7245 x | 0.5025 x | 0.5816 x 10~* | 0.6588 x 107 a 
0.2313 x | 0.5563 x 107° | 0.2403 x 10~° | 0.8654 x 10~” | 0.5942 x 
0.1426 x | 0.2452 x |0.6320 x 10~° |0.1095 x | 0.1392 x 

10>" | 0.3026 x | 0.2279 x 107° | 0.3800 x | 0.6183 x | 0.2258 x 10~* 


wind speeds. As would be expected, failure probabilities under ‘the combined 


effect of dead, live, and wind loads: are significantly greater than the values 
obtained for gravity loads only. Also, failure ee hfe the columns w 


~ generally much lower than for the beams. J 


F A method for the evaluation of the reliability of steel buildings under winds 
"was presented. Uncertainties in the variables in terms of the first and second 


~ statistical moments were included i in the formulation, i 1.€., , the basic variabilities 


q 
\ sing the ivne | extreme vaine distribution to model the annual ma mim 7 
7 
| 
| 
4 
= 
~ 
| 
| | 


Boba, of the structure was evaluated based on a random vibration. yn analysis. 
In estimating the statistics of the wind load effects uncertainties in n the wind 
ae parameters and the dynamic structural properties were also con- — : 

_ sidered. Risks were evaluated for various safety and serviceability criteria at 
Critical sections of a 25-story steel building designed i in accordance with with current — 

code provisions. va ives bai¥ Yo renee 4 vores 
Results indicate that uncertainties in the dynamic structural properties and 
wind environment parameters contribute significantly to the overall risk; serious — 


underestimate of the risk could result if they are not considered. In the — i 
wind velocity range failure probabilities for both beams and columns are fairly a 
constant being greater for the beams than for the columns, while at lower wind a4 
Soom failure probabilities at the upper levels are significantly greater than y 
at the lower levels. It was also found that the estimated lifetime failure probabilities : 
a the combined effect of gravity and wind loads were significantly mel 


_ One limitation of the method presented is that it does not take into account ” 
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influence coefficient = transforms static wind load al 
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= = pressure coefficients obtained fror rom full-scale and model - 


exponential decay coefficients; 


= modulus of elasticity of steel; eet 


= value of a random variable a 


—_= 
= probability density | function of of 
H = height of structure; Proce 
critical moment for lateral-torsional buckling, 
= yieldmoment; 
cote ‘mn, = natural frequency in the ith mode; 
= Euler buckling load; 
wee = axial capacity of column; 
yield capacity; 
Pr probability of event E; 
thar = failure probability for life 7; ioe 
failure probability for given wind velocity; model 
vector representing structural properties and ‘wind environment 
= random load effects due to dead, live, and wind loads; is | when 
the S.(n) = spectrum of alongwind velocity fluctuations; aud 


= velocity at reference height z); 
variance of X; 
= = load effect due to static and dynamic wind loads; 


= maximum dynamic wind load effect; | asa 
; oh exponent of power law profile; on 


Pres ex = damping coefficient expressed as percentage of e of critical; 


= slenderness parameter; 
true mean of random variable ‘x; 


correlation coef: ficient; wad 
rms displacement and velocity; j Bhs 

= standard deviation of ‘displacement and ith mode; 


total uncertainty in Ne 
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COMBINATION OF Various LOAD PROCESSES 


Richard D. Larrabee," A A. ASCE and C. Al Allin Cornell,’ M M. ASCE 


4 An important t application o of probability structural design 
or code drafting is the treatment of combined loading (1,4,8,19). When two 
or more loads acting on a structure are time varying, , the probability distribution 
of the lifetime-maximum total load effect “cannot be derived s solely from the 
probability distributions of the lifetime maxima of the individual loads. It is ; 
desirable to find a solution to this random process load combination problem 
that: (1) Is a full-distribution solution (in contrast to a second-moment solution); 
(2) applies directly to the variety of random processes used to model individual 
loads; (3) is not highly dependent on the details of a specific structure; and — 
(4) can be used to derive load factors for codified design. Masi 
_ The method proposed in this paper applies to a specific but. “useful class 
structural problems characterized as follows: Structural failure occurs when 
the total load-effect R(t) exceeds some scalar level r (e.g., yield stress), and 


individual load effects superimpose linearly. The random process of total 
effect RO can us by: an of form 
exh L 3(t) + 


in which L(t) scalar (but not linear) function of load p process: 

A i; and c, = a structural influence coefficient relating L,(t) to its load effect. 
This representation is consistent with both linear elastic design and deterministic _ 
code formulas, and allows generalizations based on the relative contributions 


_ Even without the linear superposition restriction of Eq. 1, it can be shown 
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(2,10) 10) that G,, G 


4 LAS 
which = mean upcrossing rate of level r by R(t); and 
> r] = the probability R(t) exceeds r at the beginning of the time period 
y interest. For the high levels of r considered in extreme-load design, Pr[R(0) 
® r] is much smaller than v } (r) T and v;(r) T is by itself a close approximation 
(r). ‘The solution Presented in the following finds an (upper bound) 


“estimate of when R(t) satisfies Eq. 1 and the L are 


‘This solution is applicable to a variety of common loading models, any number j 
of loads, and either sign of the coefficients c, 


Mooeis FOR INDIVIDUAL 
_ Many loads of interest may be modeled ‘in macrotime (i.e., in a scale o 
years) as distinct, independent events separated by periods of no activity or 
activity below a level of engineering interest: earthquakes and extreme wind 
are examples. A useful event type load model that guarantees that events _ 
the same process do not overlap in time is the Stationary renewal pulse process 
‘shown in Fig. 1. A renewal point process (5). of ‘mean arrival rate A, defines 
potential beginning and ending times of the load events or pulses (Fig. 1(a)] ; 

_ As suggested by Bosshard (3), each point arrival independently begins a _— 

with probability q and ends a pulse (or remains ‘‘off’’) with probability p [Fig. — 
— 1(b)]. Each pulse assumes a new random amplitude while the ‘‘off’’ intervals — 
1 (fictitious pulses) are zero. The mean rate of arrival of pulses, v, ‘is the product 
- ghy. and the random | pulse duration, D, is identical to the random interarrival 
_ time of the underlying renewal point process. (The mean pulse duration » equals 
vie ). If gq equals unity, every point arrival begins a pulse and the process 
“always on’’ (Figs. lc and 1d). Thus, the Poisson square wave process (25) : 
or ‘the sustained live load models suggested by Peir (15) and Bickley (2)—in 
which office live load changes immediately to a new random value at each 

_ randomly occurring tenant change—are renewal pulse processes. If q is small, 

the pulses are sparse and the process may resemble the filtered Poisson process" 

_ examined by Wen (25). In addition, the shape of the pulse is not restricted + 
— toa rectangle but may be any single deterministic profile; rectangles, triangles, : 
and a general ‘“‘house-shape’’ are common choices [Figs. l(c)-(f).]. The peak 

values of the pulses S are mutually independent random variables. le 

_A more brief, but incomplete description of these renewal pulse processes 
_ [or any stationary random process X(t)] is contained in two time- independent | 
PS functions that will prove valuable in what follows. The first is the arbitrary-point- 
in-time probability density function (PDF), fy (also known as the the marginal or 
first-order PDF). For For a renewal rectangular pulse process, e.g. é.. m }adupor aabtivw 


in which 5(x) = the Dirac ‘delta Hella and fe = the PDF of the tages 


: of a real pulse. For other pulse shapes, it is necessary to derive /, from adil - 
shape and fs( (a for the very woeful pulse case, e. 


(r), the probability that the maximum of R(t) during 

| 
| 
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pd(x) + —fs(s)ds, x 


s=x 


(he June denvative 

Triangles and ‘ainbaithel are special ? ases of the house-shape pulse treated by | 

‘The second function is the 1 mean upcrossing rate) v *(r) ‘defined by 

uous process, t — s to 


in which x = the time derivative process; and (P = the joint PDF of the — 
_ value of the pr process and its derivative. For a renewal rectangular pulse — 


in which \,At = the probability that a new pulse arrives between time 1; and 
t+At and G s(r) = the probability that the peak of the new y (real or fictitious) 
pulse exceeds r. The integral in Eq. 7 is over all values x of the prior pulse e 
Base are below r. If the pulses do not return to zero at the end of each pulse ; 
x + cna be shen by 0 deg 


Gs(r), r= 
(r) = 17... 


» if the pulses do return to zero as shown i in re \(d) 


Gs(r) = 


Taking the limit i in Eq. and substituting Eq. 8 al 
et of the 


volving saci. of (bese Che rete cf remauwin prose 


=) 


> 
‘a 
11 also applies to triangle pulses. 


Some ‘ on” loads such as ambient temperature or ocean waves are 

- more appropriately modeled by a “‘continuous’’ or “‘smooth’’ random process. 
processes can also be summarized for many and Vy func- 


by definition, and | from Eq. 6 6, 20) be ax 


b) PULSES ARRIVE AT RATE thane 


d) RECTANGULAR PULSES THAT RETURN TO ZERO AT END AND ALWAYS-ON 


TRIANGLE- SHAPE PULSES 
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PR 
which = the standardized Gaussian density function; m, = mean 
and variance of the process; and = = the variance e of he: time derivative 


Sums of Rectangular Renewal Pulse Processes.—Restricting R(t) = = ‘Xx, (t) + 
X,(t) to a sum of two independent rectangular renewal pulse processes, the 
upcrossing rate of the sum process is, from ‘Eq. 5 | 
= lim — 
At 


‘because | (with eneiii one) a a change can occur in ae one process at a 


time. Changing the order of integration an and the limit operation, and comparing 


The first term in this equation ae oe to crossings at the points in time 


when there is a ‘“‘jump”’ in process X,(t). Similarly, the second term —rl 
for all crossings due to a change in process X(t). Note that each “‘point- -crossing al 

term is simply the convolution of an “upcrossing rate function vy, and an 


oa The mean upcrossing rate for the sum of three Tectangular cen RO) 7 


“point- crossing” corms 


‘inv n which ar a, x(x-x,)d ae wotla 
the point-in-time PDF of the sum pe 
of renewal rectangular pulse processes, n, can ay combined ‘by c creating 7 n 
 arbitrary- point-in-time distributions (each involving n processes) and con- 
--vorving each of these with the upcrossing rate function of the remaining process. 
“The resulting upcrossing rate function of the sum has n point crossing terms. 
- Sums of Other Processes. .—For the sum of any arbitrary ind independent processes, 
the right-hand side of Eq. 14 (or Eq. 15) is proposed asa practical approximation 
to the mean rate v This approximation 
the mean u uper 


| 


the point crossing — with the mean upcrossing g rate (but not 

_ solved) by a direct application of Rice’s formula (Eq. 6) has been used to 


_ establish some bounds on the mean upcrossing rate of the sum of any two 
house- “type pulse processes (11, 14). ‘The point crossing can 


: sum of any two processes (11,14). Furthermore, if the "processes in Pe sum 
satisfy 
Pr >0 x jt) <0} = (17) 
all pr i, and all times ¢, then the point crossing formula (Eq. 
_ 140r 15) is exact as well. Two rectangular pulse processes satisfy Eq. 17 because — 
_ their slope is nonzero at only the beginning or end of a pulse and the probability — 
of pulse arrivals in separate processes occuring simultaneously is zero. This 7 
_ condition guarantees that when the sum process is crossing up over the threshold © 


Ada 


FIG. 2. ._—Examples of Processes which Point rossing | Formula is Exact 
_ Mean Upcrossing Rate 
due to a positive slope in i j has a non- negative slope 
_ ‘that the crossing cannot be ‘‘canceled”’ by a decrease in process j. | 
@ - rectangular pulse processes combined with any second stationary process 
_ Satisfy Eq. 17; Fig. 2 shows several combinations for which the point crossing 
When combinations of renewal renewal p pulse processes do not satisfy Eq. 17, the 
-point- crossing formula is an upper bound to the mean n upcrossing rate. >. Madsen, 


processes with house- shape pulses (which do. not ‘satisfy. Eq. 17), “the point 
crossing formula is never more than 33% greater than the true mean upcrossing 


rate. For many distributions of peak value, positions of the peak, and height - 


ratio h of the side, the discrepancy isevenless|§ jg- | 


4 
With the exception | of rectangular pulse Processes 2 and Gaussian processes, ° 


‘no exact results yet exist for the mean upcrossing ‘rates of the sum of three 
processes for comparison to the point eomneng: ames A simulation was 


| 

| 
| 
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‘Die to estimate. the exact mean upcrossing rate of. the ‘sum of identical a 
_ Poisson triangle pulse processes with S gamma distributed. With the triangle 
peaks at the center of the pulses (the worst condition), the point crossing formula’ 
is 1.41 ‘1.43 times larger than the exact (simulated) mean upcrossing rate 
as ‘compared to a a ratio of 1.25 for the sum of two of these processes. As — 
/ the analytical result for two house- shaped pulses, th the discrepancy was found ~ A 


to be relatively insensitive to threshold level, 


For the sum of two Gaussian processes X, 4 + x substituting E 


2 


x; 


The ratio of Eq. 18 to the exact ‘uperossing rate as — by Eq. 126 is - 


+ )/Vox, + which is maximum (at V 2) when ¢ ox, = 


of these shown in Fig. 3, demonstrates the CTOSs- 


) SUM oF ANY 2° " HOUSE - PROCESSES 


Sum OF 2 SMOOTH, mocesses 
ing formula is an upper approximation to the exact mean 
< rate. These upper bounds may be judged acceptably close approximations because 
an error of 50% in the mean upcrossing rate of a high threshold will way 
result in an error of no more than a few percent in the selected design level. _ 
- On Load Modeling.—Several implications about the modeling of ee 
"Toads for load combination purposes follow from Eq. 14 or ris. First, the two 


a 
complete model is available, only be carried along 


to the load combination analysis. When the distribution of the life-time extreme _ 
_ is available, v,(r) can be estimated for high values of r (but perhaps not for 
low values that may be necessary in the convolution integral) 
= =: T “In 
the of lo: enters as ar mete or average 
not as a random variable: The difficult-to-obtain probability distribution of event 
duration is not needed. Third, determining the arbitrary-point-in-time PDF /, 
either analytically or directly from empirical data is much simpler than attempting — 

_ to accurately model all the varieties of load pulse shapes; the pulse shape is 
an unnecessary piece of once the arbitrary- -point- in-time PDF has 
 Example.—As an example of the application of the point crossing formula, — 

consider a model corresponding to a structural component subjected to three 


Qs)’ 


a Gs, (s) = 


+AS+ 


process L,(t) ‘with gamma distributed wang pulses and V2 
2/yr; = 12/h = 0.00137 yr; and 
0, s< 
3. The third loading, wind speed, is is “modeled a vit) 
by Gomes and Vickery with a arbitrary- point- in-time PDF 


= 


in which A = 0.3596; = 4.963 knots = 2. 


m/s; a = 7.70 knots = 3.96 m/s; and k = 1.492, where B, v, and A — 
“meine from data by assuming V(t) | and V(t) t to be independent ¢ as p they 


a The combination i is that of the load-effect processes X, (t) = =c,L,(t), X(t) 
=c,L,(t), and X,(t)=c, V(t), in which c 1» C>,andc,= coefficients 
that relate the applied loads in th their ir respective | units tot the ne single load~ load- effect 


| 
7 
=f Av) = | — } exp 


example, let = 0, 0, and ¢,= = | 0. Ol. For x and X,(t), 
compatican can be with the Preeent formalsier Tf the processes are 


f 


itrary- in- Rate Fi for Three Load- 


foregoing into Eqs. 3, 4, ‘pala ll yields” 
>0 a 


- 


vik s, 
C2 


| 
Processes in 
| f x)= 
 identitid 
| 
» 
— 


x/e, by Vit) 
v3 (x A 
The load- effect ot arbitrary- point- in- PDF i 
3(x) = 
4 Each of these six functions are plotted in Fig. 4. Note A -. a large Mg 
spike at zero corresponding to the ‘‘off’’ times of x A(t). 
The mean upcrossing rate of R(t) = X 4 Xx 2(t) + X, above 
value of r is, Eq. 
5 plots each individual point crossing terms and their sum from 
Eq. 26. The arbitrary-point-in-time values of the always- processes 
™ and va) are significant as is seen by | comparing the second point-crossing term _ 


c, is €.g., to another point on the 


Eq. 15 specializes to > 


(y)dydx 

In this cas case, the end of pulse of 


“Omen Les PROCEDURES AND 

Coincidence Events.—Specializing Eq. 14 to the sum of two, non- negative, 
processes and expanding will the 1 upcrossing formula 


= PROCESSES 


ww SUM 26) - 
Wield bas G ~ + level 


AIG. 5.—Mean Rate of the Sum of Three Load Effect Processes, R(t) 


ee to non-negative, rectangular pulses which return to zero and the 


~~ i _ derived by Waugh (24) as been used to corroborate 


in which S, + a =a random with equal to the sum of the heights of ‘ 
_ the two rectangular pulses. Except for the factors (p, — v,p,) in the first 
and - in the —* term, this i is @e -_upcrossing rate 
i in Wen’s formula (25). _ ~ 
Eg. 29 offers an alternate interpretation of the u dite events—each of a 
_ the first two terms are upcrossings by one load process acting alone while 
- the third term accounts for all crossings whenever the load pulses overlap in 
time, i.e., , when they are said to be coincident on the structure. If the magnitude ~ 
of v,v2(h, + p,) is small enough relative to the others, the third or coincidence 
term may | be neglected. The formulation of Eq. 29 has proven convenient for 
simulation solutions, for accounting for nonlinear structural response (21), pe 
for approximate load combination methods (7,25), 
_ Forthe sum of a rectangular and a triangular pulse process, the direct derivation a 
«of the third term in Eq. 29 requires careful enumeration of all possible peak 
values of sums of coincident pulses and, in the end, some approximations 26). 
:: In such cases, the point-crossing formula is more easily applied because it is 
- an automatic set of computations that apply directly to any pulse shape, loads ~ 7 
with opposite signs, and even nonpulse type loads. 
- Combinations of Transient Load and Sustained Live Load. —For the often studied — 
_ problem of transient loads combined with sustained live load, several pie co 
of estimating G have been proposed (8,25) that are closer approximations 
_ than Eq. 2 when there are on average _ny repetitions of the transient load . 
during a a single o occurrence € of sustained load. In ‘many Practical problems, “the 


(10). However, with some constraints on the processes, one can derive a reduced 7 
-_uperossing rate that yields a closer bound when substituted in 2 for 


Let t = 0 be the time of the beginning of a niin in the Poisson rectangular 


s pulse process 2. (t) | and + be the time of an upcrossing at the arrival of an 


7 —w Poisson impulse process X,(t). The probability of no other crossings © 
of level r — x by X,(t) between time 0 and rt is exp [-v> (r — x)t]. The 
distribution < “of time + within the random duration D = d of a pulse of X,(t) 


is simply —_ The reduction i is made by ane to count only the first crossing 7 
of level r 


Pr anu crossin by X,(t is ¢ counted _— 
[an upcrossing by X(t) hue i 


.- is probability is less than unity, only for rn in x, (t) and —_ 
very frequent arrivals of pulses in X,(¢). After multiplying the second term 
a Eq, 14 by this probability, the reduced upcrossing rate od i, 


— 
= 
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A similar expression exists for the sum of (I }). Pe upper. | 


_ Correlation between S and D. —Another special case is that of stochastic 


“might occur for storm-generated loads). The effect of this dependence on the 
distribution of combined loading can be accounted for approximately by modifying 

only the arbitrary-point-in-time PDF of this load. For a "a rectangular pulse process. 
with correlation between duration D and peak value S, Eq. should be 


modified to > (11) 2 x — 


=. 
3(x) + 
ich and = the variance of D and S, and Ms = = = the 
oy we 
an of S. The 1 rest of the point- crossing formula r remains the same. ins ies 


' mas format of the code) are usually selected to be practical yet flexible enough 
for the scope of the code (22). The probability solution for the distribution — 
of the combined load effect may aid this step of the process by suggesting 

i the load ad variables and the form of of the checking equations. This his approach | will 
be pursued in the following. ‘gale 

Deterministic Checking 
"73 of the checking equations, the point~ crossing formula may be loosely pened 7 
as follows. Substituting the v,(r)T and G 


vy(r) Tinto Eq. 14 yields eset b ai bead qory ten osvihy 


number of load variables and the form of "these “checking equations” di.c., a, 


x)f x dx +) - xf x, (x)dx (33) 


Max x2 

This approximate (and now not necessarily conservative) equation uses two | 

random variables per load: TX , the lifetime maximum of X i(t) and ‘X,, the © 


arbitrary- -point- -in-time value of ‘x j(t). These are the suggested variables for 


Eq. 33 further ington functional relationship among these variables. Recall 


“Also, if Z = = max Y), then wan Sav Ladi 


= 


| 
in 
4 
| 
| 
| 


r for high values of z 


From 33 we therefore infer, again loosely, that 


Eq. a a possible format fc for : a partial factor o code suggested: design 
cach member for the largest of load ¢ effects R, or in which 


R, =¥3:¢, 7 L? + (9b) 


a set fractile level of maximum lifetime load; L? : = a; pal 


So T 


The universal format in Ref. 4 uses the same of 


ie the same number < of terms as implied by | Eqs. 39 and 40. In practice, 


the iterative process of code writing and partial factor calibration can be aa 
to reduce the number of unique y load factors (18). An example is the proposed 
LRFD code for steel building design which does incorporate separate load values 
for daily and lifetime maximum loads (16, 19). Finally, t this format is not unique: 
a Eq. 29 may be interpreted in a similar manner to suggest a three-term checking — 
| "equation, but one of the implied random variables is, unfortunately, a function — 
On Turkstra’s Rule. —Eq. 39 cz can be identified as what is commonly y known» 
¥ es for "the largest of the lifetime maximum of load 1 plus the “ee. 
of load 2 when the maximum of | occurs or the lifetime maximum of _ 


"load 2 plus the value of load | when the maximum of load 2 occurs. Wjeath! 


While intuitively appealing, this deterministic rule alone does’ not specify ‘a 


R= 
| 
| 
| 
an fi 
7 
ry 
| 
ia 
| 


values of the individual loads necessary to achieve a fractile. value of 
the total load effect. Further, the development of Eq. 37 indicates the hazards” 
using Turkstra’s rule (e. _ Eq. 33) to compute probabilities. First, the 


Second, and + are not independent because for 


lange wines, a event may be a realization both ™ &, (13). : 
a Because the first approximation is unconservative and the second is conservative, 


e no bound is insured. In spite of these shortcomings, Turkstra’s rule does provide — 
4 x _ In brief, the point-crossing formula (Eq. 14 o 15) provides an upper bound _ 
‘to the mean upcrossing rate of the sum of a variety of independent scalar 
; processes. In the context of treating combined structural loading, these properties - 
: significant for several ‘Teasons. The upcrossing rate leads directly to the 


Many loadings such as snow, wind, earthquakes, and live load may be reasonably 
_ modeled as independent. Using this algorithm, almost all proposed models for 
4 _ describing the macroscale time variation of loads can be treated; this il 
_ the broad class of renewal pulse processes with a variety of pulse shapes and 
many smooth processes. The extension to a new Stationary load | process model 
: a is clear since the two required functions—the mean upcrossing rate and the 
arbitrary-point-in-time PDF—are natural descriptors of individual loads and 
4 processes. While requiring convolution operations, the point crossing formula — 
a is efficient enough for advanced, nonsimulation structural reliability methods — 
(17, 18). Finally, the point-crossing formula supports the use of a particular set 
7 of design \ variables and a format for checking combined loading in deterministic _ 
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The he following symbols. are used in this pape 
we 


cumulative probability of random variable x; 


= peak-value PDF of real(nonzero) pulse; 
= probability density function of random variable X; 
(x) (x) arbitrary-point-in-time PDF of random process X(t); _ 
G complementary cumulative probability distribution of the 
3 peak value of both real and fictitious load pulses; _ Cre “2 
= complementary cumulative probability distribution of ran-_ 


= fatio of the height of a side | al the Bal of of the =a 


a = random variable equal to the of ra 


= mean fraction of time “off for process i; 


probability a renewal is ; mean fraction of time 


= random process that i is a sum of load- effect processes; 


peak value of a load event or pulse; 


Dirac’s delta function: 8(0) = 0 for all 
underlying (fictitious) arrival rate of renewal pulse process; JJ 
mean duration of pulses in process i; 
real arrival rate of pulses in process i; ee 
; _ mean upcrossing rate of level r for process X;,,; 
variance of random variable X or process X’ (t); ie 
= standardized Gaussian probability density function = 
pepe: exp(—x7/2), 
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0 , which have been published by ASCE. Discussion of a paper/technical note is open - 
anyone who has significant comments or questions regarding. the content of the paper /technical 
note. Discussions are accepted for a period of 4 months following the date of publication 
of a paper/technical note and they should be sent to the Manager of Technical and Professional 
_ Publications, ASCE, 345 East 47th Street, New York, N.Y. 10017. The discussion period may 
be extended by a written request fromadiscusser, 
_ The original and three copies of the Discussion should be submitted on 8-1 /2-in. (220-mm) 
by 1l-in. (280-mm) white bond paper, typed double-spaced with wide margins. The length of | 
a Discussion is restricted to two Journal pages (about four typewritten double-spaced pages 


:- manuscript including figures and tables); the editors will delete matter extraneous to the 


_ subject under discussion. If a Discussion is over two pages long it will be returned for shortening. _ 
All Discussions will be reviewed by the editors and the Division’s or Council’s Publications 
Committees. In some cases, Discussions will be returned to discussers for rewriting, or they 
es may be encouraged to submit a paper or technical note rather thana Discussion. = 
Standards for Discussions are the same as those for Proceedings Papers. A Discussion is 
a subject to rejection if it contains matter readily found elsewhere, advocates special interests, i 
is carelessly prepared, controverts established fact, is purely speculative, introduces personalities, 
or is foreign to the purposes of the Society. All Discussions should be written in the third - 
person, and the discusser should use the term ‘‘the writer’ when referring to himself. The 
“author of the original paper / technical note is referred to as ‘‘the author.’ 
= Discussions have a specific format. The title of the original paper/technical note appears — 
at the top of the first page with a superscript that corresponds to a footnote indicating the 
month, year, author(s), and number of the original paper/technical note. The discusser’s full 
name should be indicated below the title (see Discussions herein as an example) together with “ 
his ASCE membership grade (if applicable). 
The discusser’s title, company affiliation, and business address should a appear on the first’ a 
page of the manuscript, along with the Proceedings paper number of the original paper / technical x 
note, the date and name of the Journal in which it appeared, and the original author’s — 
Note that the discusser’s identification footnote should follow consecutively from the original 
paper/technical note. If the paper/technical note under discussion contained footnote numbers _ 
| and 2, the first Discussion would begin with footnote 3, and subsequent Discussions would 
Figures supplied by ‘the discusser should be. designated by letters, starting with A. This. also” 4 
applies separately to ) tables and references. In referring to a a figure, table, or t reference that 


e It is suggested that csmainh d discussers request a copy of the ASCE Authors’ Guide to 


the Publications of ASCE for more Cuames information on preparation and submission of | 
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ov Discussions may be submitted on any Proceedings paper or technical note published in any ale 
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7 correction be made in in the orig original pe er: 


‘both Meanral and plufe momens, he exsrethans 
Dynamic OF or CoupLeD SHEAR 
1901.9 9B be Closure by Amiya K. Basu,’ F. ASCE, Ashok K. Nagpal,” axa) 
‘ae with n a he 
The writers thank Rosman and Pollner for their interest in the paper. pes 
It is interesting to note that fundamental frequencies obtained by Rosman 
using lumped mass approach with masses lumped at eight levels agree ean 
closely to those given in the paper. The discusser has stated that it is not 
necessary to consider the higher modes since the response to wind and earthquake 
is governed by the fundamental mode. This statement does | not appear to be 
valid for all situations. Consider, e.g., the base shear response. It can be seen’ 
from Fig. 8 that the ratio of the base shear in the second mode to that in 
_ the first mode for a typical combination of a and B, namely, a = 6, B = 
0.15 is (0.167/0.652) S?/S‘. The spectral acceleration in the second mode, 4 
&. can be three to four times the spectral acceleration in the first mode, ») 
s®, Therefore, the contribution of the second = to the base shear can “4 
be as large as that of the firstmode. 
Pollner has confined his comments to static of coupled walls. 
a the procedure given by him, while the overall equilibrium and compatibility — 
are satisfied, the coupled wall analyses are in fact fictitious and do not have ~ 
same properties as those the actual coupled walls. | 


“July, 1979, by Fouad H. Victor Ellyin (Proc. Paper 14689). 
“August, 1979, by Amiya K. Basu, Ashok K. Nagpal, Ravinder S. Bajaj, and Ashok | 
"Prof. of Civ. Engrg. and Dean of Postgraduate Studies and Research, Indian Inst. — 
SAsst. Prof., Indian Inst. of Tech., Delhi, India. 
a °*Former student, Indian Inst. of Tech., Delhi, India. 
°Former student, Indian of Tech., Dali, nia. 


We 
, paragraph I, line 4: Should read = 1.5 £,.”” instead of “*u, = 0.083.”” 
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assumption, the load Gatribeticns on one walls with different stroctural 
-_ properties in a building are, generally, not the same and differ from that of 
7 _ the applied loading. _ Due to the aforementioned discrepancies the procedure 
proposed by the discusser can lead to significant ¢ errors. A sufficiently accurate 
aa = is given in Ref. 7 and is described here. nary 
q _ An equivalent coupled wall is formed by adding together the properties of 


in which the superscript e refers to the. equivalent congied wall. me 
then found and all the coupled walls are assumed to have this deflection. It 

— be shown (7) that the axial deformation, u, in pier | and the lateral deflection ; 


3 B of an individual coupled wall are related by : 


Solution of Eq. 32 yields u,. The axial in pier 2, isd then 


G 


, the stress resultants in an individual coughed 


Errata. —The following correction should be mate to the unstion by Pollner 
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FRAME ANALYSIS FOR LATERAL Loaps* 


Closure by M. Daniel Vanderbilt,” M. 


_ Two methods for modeling the stiffness of the column-slab connection were 
described in the paper, the effective beam width based on an assumed moment — 


| across the slab width and the lateral- eee is basic to 


equivalent frame method. 


“i Dr. Elias has developed another method of modeling slab eliaitis (10). By 
assuming a bending moment field across the plate width and then considering © 
both flexural and torsional plate moments, he developed expressions for flexural 
and torsional stiffness. Undetermined coefficients lambda and alpha in these 
expressions were then defined using results from finite element analyses of — 


.. single-story, single-bay elastic slab structures. In the discussion by Elias — 


- is shown that when the “‘lambda-alpha’”’ stiffness expressions are in turn 


used to compute stiffnesses and moments for the 19 calibration structures good . 
= with the finite clement results is obtained. Use of the ce 
"equivalent frame method with these structures ‘Tesulted in underestimating 
moments by 10%-36% and overestimating drift by 3%-24%. Considering the 
development and calibration procedures, these differences are not 
surprising. Which, if either of these methods is suitable for general use in analyzing 
_ real laterally-loaded reinforced concrete buildings remains to be shown. V2 
‘The solution to the lateral-load distribution problem, and thus the elimination mn 


th the compatibility error of Fig. 7 obtained (12). 
ApPENDIx. —Rererence 


Lae _ presented at the November A me P. Siess Symposium, Fall Meeting of the 

SOctober, 1979, by M. Daniel Vanderbilt (Proc. Paper 14931). 

*Prof., Civ. Engrg. Dept., Colorado State Univ., Fort Collins, Colo. 80523. 
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STANDARD PRESTRESSED CONCRETE BEAM Desicn* 


Discussion by Andrzej J. Tomessewics” 


4 


FIG. 7.—Interaction Diagram 


accuracy, i 


to live loads) but the precast section must resist hom and after they have — 
_ been reduced, the precast section contains some residual stress caused by change 


January, , 1980, by David S. Hatcher (Proc. Paper 15106). 
Institut for Betongkonstruksjoner, 7034 Trondheim- NTH, Norway. 


q 
of standard noncorr DOSILE OF COMPOSILE SECLIONS. LHe Writer WOuId LIKE tO GISCUSS 
“ 
+ 
e@ 
vas Oram, me weight of formwork 
| loads existing only during slab casting and hardening should a 


moment of inertia by action. (At same time the stress in 
the centroid of the precast section is increased.) Due to live loads, the stress se, 
a the centroid of the precast section is decreased. oquivalent ar aA 
By decomposition of stress components as shown in Ref. 7, a change of 
a in any fiber o( y) at distance y, from the centroid | of he, precast : section — 
of Mable | 8, and she “KL fos values 


As known, these stress components should be superimposed on stresses caused _ 
a0 by previous load (i.e., before hardening of the slab). The foregoing pencil : 
_ Using the relationships which can be seen from the interaction diagram, the 
flowin equations are derived simply = oF 


(43) 


in which C, = M Ca =M,+M, + (-M,- +M 


+ (-M,+M,) ASS wy M, = moment due to any additional 
constant load existing only crig slab hardening (i.e. , formfork). Ife >e — 


evaluate “the be taken account. Eqs. 43 a nd 7 


(Note: Eq. 24 in the paper does not correspond to Ref. 6. 
_ If the requirement given by Eq. 45 is not satisfied, P, should be taken as 


: (46) 


_ results are exactly the same as obtained by the procedure outlined in the ; 


“paper, but the aforementioned proposals, which are based on the : same general 
principles, represent a significant simplification. 
In some special cases, P, > P, may also be acceptable. For these cases, 


“the suitable: formulas can be evaluated ina | similar manner as 
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Torstonat Buck.inG Stupy or Hart FORD Couseum” 


by Cc Andrew Pretzer,’ M.A ASCE 


_ weak and merit special consideration when used. Since the derivation a 
= of the buckling theory in the Loomis paper follows that Presented A 


the ‘purpose of this discussion. The "purpose is to discuss ‘the: application | of 


truss roof and to question the conclusion that there is a correlation between — 
_ the field observations and the results of the authors’ torsional buckling analysis. 
_ There is an inconsistency in the torsional buckling analysis presented in the 
_ Loomis paper in the use of the ‘‘equivalent length’’ of the member. A torsional 
length factor, K = 1/2, was used for the calculation of the ‘ ‘equivalent radius 
‘ of gyration”’ and then a value of K = | was used to calculate the KL/r values — 
for determination ofthe buckling stress, 


_ The authors state that K = 1/2 should be considered when both ends are 


and K = when both ends are free. This description of torsional 


that the torsional length K values are for members with ends “fixed against 
* rotation and either free to warp or restrained against warping. Gaylord states 
that K = | should be used if the end cross sections are free to warp and K = 1/2 
¥ should be used if warping of the end cross sections is completely restrained. _ 
_ The authors state that they used K = 1/2 for determining the effective radius 
of gyration, ° ‘since the ends of the members were securely held against torsional 
_ rotation.’’ The writer disagrees with this choice because the torsional K value — 
depends on end restraint against warping, not torsional rotation, = =” 
~ At the Hartford Coliseum the cruciform section members used for the space 
_ truss were attached to the gusset plates spaced 30 ft apart by connecting one | 
leg of each of "the four angles to the gusset plate. Since the upturned and 
_ downturned legs of the angles making up the cruciform shape were not attached 
_ to the gusset plate, the upturned and downturned legs were free to warp although _ 
rotation of the member was prevented by the gusset plate. Therefore a reasonable on 
design assumption, since the end connection would not provide full restraint 
7 against ‘warping, . would be to design the members as if both ends were . free 
g warp, K = 1. This would be conservative. (The K values for lateral buckling 


tae 
and for torsional buckling need not be the same. 
a “January, 1980, by Robert S. Loomis, Raymond H. Loomis, Robert W. Loomis, and 
"President, C. A. Pretzer Associates, Inc., North Scituate, R.1.; also, Staff Consultant, 
Doulas G. Peterson and Associates Inc., P.O. Box 777, 379 Main St. » Mass. 


he ; 


— 
The Loomis torsional the need to consider torsional _ J 
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The authors used K = 1/2 for calculation of the values of ‘ sail radius 
of gyration’ presented in columns 3 and 4 of Table 1, for lengths of 15 : 
and 30 ft; ie., values : shown were calculated for equivalent lengths of 7.5 ft 
and 15 ft. The KL/r values presented i in column 5 of Table 1 were calculated 
for K = 1 and not for K = 1/2 as used for columns 3 and 4. This inconsistent 
If consistent calculations had been made for a torsional equivalent nn 
factor K=1 then the ‘‘equivalent radius of gyration’ values” in columns 


and 4 of Table : 1 would be doubled and the “KL/r for torsion’”’ values given 
2 column 5 would be cut in half. Interestingly, for a torsional equivalent length 
factor K = 1/2, the “‘equivalent radius of gyration’’ values would be as shown | - 
in columns 3 and 4 but the ‘“‘KL/r for torsion’? values given in column 5 g 
would be cut in half. The torsional effective length of a member should be 
consistent in the } application of the torsional buckling analysis, = Rpg 
- As pointed out, an ‘equivalent torsional length factor” K = 1 is ‘suitable 
: for the space truss being considered. A consistent use of K will result i in ““KL/r — 
for torsion’’ values that void the authors’ observations since the torsional buckling 
_ load is greater than the lateral buckling load for all 30-ft long members. (The © 
: “torsional buckling load is less than the lateral buckling load for some members, _ 
_ when a 15-ft length is considered.) The increase in critical buckling load of 
_ the members would increase the space truss load capacity from that calculated 
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Cost Orrimization OF BuiLpincs* 


Discussion by C. N. Srinivasan,” A. M. ASCE a 
and a to optimize the cost has immediate application. 
- Similar studies have been undertaken in many countries to varying degrees 
(of refinement, and results will vary between developing and developed countries. 
For comparison, results of studies ; undertaken i in Australia in 1973 are shown _ 
in Figs. 14 and 15 (12). These are applicable directly to portal framed structures _ 
_ and the study has indicated that truss and post type building will be slightly — 
more economical, but the trend and salient features remaining 


a Fig. 10 indicates that | ‘material cost of the bent is practically « constant wich 
bent spacing, but with larger-bent spacing, intermediate wind girders and cladding 
- posts will be needed, which will increase the cost of the structural framing. 
Besides, large-bent spacing will call for special purlins with attendant increase 
_ in cost and lead time for supply. A study made by the discusser has indicated — 
‘ B= sind 1980, by Alan D. Russell and | Khalid T. Choudhary (Proc. Paper 15125), 


Partner, M/s. C. R. Narayana Rao, , Architects & Engineers, Karpagambal Nagar, 7 
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that the best solution is ; where intermediate. girders and are 
- Would the authors review the statement 7 the end of pamngnngh 2, page | 298 


wpa 
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Sheeted wall a 


- Gr ick wall 


_ The paper does not touch the cost aspect of bracings; large spacing and 


¥ ‘intermediate wind girders will call for additional bracings (13). Even if the cost 
= een themselves is not likely to be substantial, i in a flat — of contours 


| 
| 


as in Fig. 12, the cost of bracings v will have an impact. i Pan. 
_ Most of the National Codes specify a limitation of deflection of verticals 
at the knee level. Has the authors considered this aspect (14)? A study has — 
indicated that the cost of the skeleton frame work I has affected ted up to 5% on 


4 | 


L3, 5.5 m eave 6 m space elastic oF y 


L3, 3.5 m, 10 m, 1, elastic 


(d) ‘Variation of frame cost withspan 

b1c-baoase FIG. 15.—Frame Cost Versus Frame Spacing and Span des Li 

What about minimum size of members to suit code requirements and also 
; & facilitate (15) fabrication? These are bound to have an effect | on cost in 


regions near Y-axis (Figs. 11 and 12). POAT aft “mont 
Berry, J. E., ‘Economics of Portal Framed Industrial at the 
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1974, on Metal Structures an and the Practising Engineer, held at 
1 Srinivasan, C. N., “On Minimum Requirement of Roof Bracing to Single Storey — 
_ Sheds,”’ Journal of Structural Engineering, Structural Engineering Research Center, 
14. Srinivasan, C. N., “Rational Structural Design ‘and Codes of Practice,” Journal of 


‘15. Srinivasan, C. N. , “Tolerance i in Civil Engineering Design and Construction and Their _ 


The following corrections should be made to the original paper: 
nt Page 394, ‘paragraph 1, line 2: Should read “Due to the magnitude of variability, ime j 
Fae 36, with”’ instead of “Due to the magnitude of variably associated with” _ 
= Page 396, paragraph 1, line 7: Should read ‘“‘MOE distribution.’’ instead of 
“Page 401, Eq. 3: Should read & = (i- instead of 
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The authors be for timely paper ‘on this 
a of current importance. The writer would like to draw attention to the second-order ¥ 
: ‘member stiffness matrix given in the paper. First, there seems to be an < 

_ inconsistency between the definitions of the so-called stability functions, S and 
_ _ and their use in some of the elements of the matrix (Eq. 7). It is understood © 
‘from the paper that corresponds to the rotational 0 of each of the 


“February, 1980, by A. Louis DeBonis (Proc. Paper 15186). 
r *February, 1980, by Charles Birnstiel and Jerome S. B. Iffland (Proc. Paper 15196). 
“Visiting Research Assoc., Fritz Lab., Building GB, Lehigh Univ., Bethlehem, 
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in which / represents the anil of inertia with respect to the appropriate | 
Under the heading | “Effect of Horizontal Joint the euthors 
apparently assume the displacements being ‘‘finite.’’ This leads to » the erative 
ae solution of equilibrium | equations for incremental displacements, in which Cal 
patibility conditions for each iteration cycle are based on the deformed geometry — 
- determined in the previous cycle. In this iterative process, equilibrium equations — 
should also include the P-A moments caused by the axial forces and incremental 
displacements. However, the effects of these moments on the relevant 
: of the matrix of Eq. 7 seem to be missing in the paper. The elements which 
: appear in rows 2, 3, 8, 9 and relate the end shear forces to the p Caneree 


displacements should be 


which the missing term, (aL)? corresponds: to the fictitious | end shear 


- _ With regard to the effect of shear deformations on the second-order stiffness _ 
matrix, the authors suggest a first-order approximation to account for the shear 
effect. It is worth noting that exact second-order stiffness influence coefficients _ 
(stability functions) including the effect of shear deformations have been derived 
a (21). The writer’s numerical comparisons have shown that suggested 
approximate functions generally overestimate the member stiffness except for 4 
_ very low values of aL and the relative rigidity parameter given by Eq. 9 in 
21. Cakiroglu, A., “ Second-Order Theory Coefficients for Prismatic Members Including i 


ge the Effect of Shear Deformations,”’ Technical Report No. 32, Department of Civil 
A? Engineering, Istanbul Technical University, 1978 (in T Turkish). hy of ee first S-wave 


tadng ths 1879 in Vales tas 


nodes whereas C represents the carry-over factor. Then, the elements of the 
a & matrix given in rows 5, 6, 11, 12 which couple the rotational-degrees-of-freedom | 
of the member should read as: 

| 
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-WHILHELM Riter: ‘TEACHER p MAILLART AND AMMANN" ii 


The knowledge of the history of engineering is essential to understand how 
we reached the state of the art and permits the projection of future trends. 
This paper on -Whilhelm Ritter is a valuable addition to the history of n 
_ Ritter (9) introduced the concept of ‘ “elasticitat 1 mass,”’ or the elastic dees: _ 
- shales of a member, which includes the stiffness and type of support of the 
a , member. This concept of the elastic mass was developed while studying multiple 7 
"span bridge girders continuous and integrally built with the supports. The modern 
"methods of analysis such as moment distribution (21), column analogy (24), 
_ slope deflection (25), and matrix methods (26) are developments of the principles ' 
_ While extending Culmann’s Graphic Statics, Ritter initiated a deviation from 
graphical methods, so popular in the French school of his time, towards | the a 


analytical methods that were to be used extensively in this century A: 7 


In reinforced concrete structures, the influence of scale is so important, that 
the knowledge gained through full scale load test as favored by Ritter provides _ 
a much better understanding of their behavior. The writer hopes that in the © 
future some public buildings and public structures will be instrumented to monitor : : 


by the profession. A good example is ‘the work of "Arthur: N. “Talbot 2 at 
‘University of Illinois, who created a school of thought in reinforced concrete, 
and who was followed by many distinguished engineers among which the names 


of Richart, Cross, Newmark, and Siess can be mentioned. This i is ai another example le 
of the influence of education on ‘engineering practice. 


structures cannot be written without mentioning hismame. = ~~ ia 


Cross, H., “‘The Column Analogy,” Bulletin 215, University of 
25. Wilson, W. M., and Maney, G Y he, “Wind Stresses in Office Buildings,’’ Bulletin 

80, University of Illinois Engineering Experiment Station, 1915. 

26. Hall, A. S., and Woodhead, R. W., ‘Frame Analysis,”” 2nd ed., John Wiley & Sons, 


> “May, 1980, by David P. Billington (Proc. Paper 15416). eee 
*Partner, Capacete, Martin & Associates, 1509 F.D. Roosevelt Ave., 
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DISCUSSION 


presents an interesting procedure for determining the maximum 

_ shear force induced in a buried beam or pipeline due to seismic wave propagation. 
The procedure is an extension of similar methods (2,4) for the seismically induced a 
bending moment and axial force ina buried beam. ; 
_ The author correctly notes that the propagation velocity c,, which should — 7 
be used in the analysis, is the apparent propagation velocity « of the wave with 
_‘Tespect to the longitudinal beam axis. It should be noted in this s regard that — 
there is a nonzero angle of incidence between the direction of propagation 
of body waves and the horizontal ground surface. Body waves propagating — 
away from the source are refracted at changes in material properties. Because — 
of these multiple refractions, the direction of propagation of seismic body waves 
near the ground surface is s usually close to a vertical. Therefore, for the usual 
case of a horizontal or quasi- -horizontal pipe or beam, the g; apparent Propagation — 
velocity of body waves with respect to the longitudinal beam axis is quite a 
bit higher than, for instance, the shear wave ore veleemy of the soil surrounding _ 

The apparent propagation velocity with respect to the ground surface for 

a particular site is a function of the focal | depth, epicentral distance, wave — 
type, and material properties along the propagation path. While an “exact” 
‘determination of the apparent propagation velocity for a particular site may 


one might expect. 
Ref. 6 contains a a summary of apparent poepagation velocities for 


cross- s-correlating the records from an array y of closely spaced s seismometers s with 
common time. Values for the apparent propagation velocity for 5 Japan earth-_ 
_ quakes (7,8) using the aforementioned method range from 2.6 km/s-5.3 km/s. 
- value of 3.7 km/s for the apparent propagation velocity of the first S$ wave — 
_ during the recent 1979 Imperial Valley Earthquake has also been reported (9). i 
The foregoing measured values suggest that a value of | about 3000 m/s for | 
propagation velocity of body waves with respect to the ground surface 
" “may be more appropriate for the example problem in the paper. If this is so, 
- the author’s values for axial force induced in the pipeline would be an — 
order of magnitude too large, the bending moment would be about two orders — 
of magnitude too large, while the shear force would be approximately | three 


“June, 1980, by T. Selcuk Atalik (Proc. Paper 15451), a 
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1e author should not be foregoing remarks. T 


made an almost identical questionable assumption — c,in an ex 


problem for one of his previous papers (10). Ba 
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